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ABSTRACT 
This study concentrates on an experimental and analytical 
investigation of the strength and behaviour of a reinforced 
concrete beam-column joint subjected to axial compression and 
bi-axial bending. 	Tests were carried out on thirty-four 
specimens, simulating typical corner beam-column joints, to 
evaluate the ultimate flexural, shear and deformation capaôity 
under the influence of various parameters. 	The parameters 
• examined were : the axial load in the column, longitudinal 
reinforcement in the column, tensile reinforcement in beams, 
transverse reinforcement in the joint and the concrete strength. 
An analytical approach was adopted, with a view towards 
establishing a general procedure for deriving the stress block 
parameters at the inelastic stage, for a section under flexural 
compression. 	The approach was also extended to include the 
effect of the confinement provided by the lateral reinforcement 
in the section. 	The effect of several variables was also 
evaluated on the deformation response of test specimens and 
the curves are drawn for their force-deformation characteristics. 
The experimental results are compared with the computed values 
obtained on the basis of a direct sectional analysis which 
utilizes assumed material properties and compatibility 
relationships to enable deformations to be -predicted at 
different stages. 	Analytical and emprical relationships are 
established on' the basis of experimental results, to represent 
the inelastic deformations and spread of plasticity at the 
ultimate stage. 
The shear - capacity of the joint was evaluated according 
to.-:existing recommendations and a semi-empirical expression 
has been derived on the basis of experimental results, to 
predict the shear cracking stress of concrete in a joint under 
bi-axial bending. 	A serviceability criterion has been 
proposed which ensures that the diagonal cracking in the joint 
and the bond failure along the longitudinal column reinforcement 
does not occur before yielding of the tensile reinforcement 
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MflTATT AMC 
ad depth of compressive reinforcement from compressive face 
of the section 
ab. . lever arm of the beam section 
Ab area of bound concrete under compression 
A 
effective area concrete 
Ag gross area of section. 
As  area of compression reinforcementin a column. 
A' 	. area of compression reinforcement in a beam 
A5 t area of tensile reinforcement 
A5., 	. sectional area of (one leg) stirrup 
total area of transverse reinforcement 
b width of beam section 	. 
bc width of column section 
C compressive force in concrete 
c .a coefficient (cohesive constant) 
•CSC compressive force in steel 	in compression 	. 	
:. 
tensile force in a section 	
. 	. 
• . C u compressive force in concrete at ultimate 
d effective depth of beam section 
d 	- ., effective depth of column section 	. 	. 
D overall depth of beam section 	- 
EC initial modulus of elasticity of concrete 
EC specified modulus of elasticity of concrete (measured at 
a strain 0.005) 
E0 secant modulus of elasticity at strain 
E S modulus of elasticity of steel 
f stress at any fibre 	 . 
compressive stress in a section dueto axial load 
NOTATIONS (continued) 
	
av 	average stress in a compressive block 
average stress in compressive block for bound concrete 
cylinder strength of concrete 
fc 	compressive strength of bound concrete analogus to 
f cu 	characteristic cube strength of concrete 
specified yield strength of main reinforcement 
I 	
specified yield strength of auxil)iary compressive y 
reinforcement 
ft 	tensile strength of concrete related to modulus of 
rupture tests 
vy 	specified yield strength of transverse reinforcement 
depth of the centre of compressive block from extreme 
compression fibre 
h c 	overall depth of column section 
moment gradient My/Mu 
I 	 second moment of area 
k 	 a coefficient with appropriate subscript 
distance of yield section from beam column interface 
Lb 	distance of the point of application of the load on the 
beam section from the beam-column interface 
LC 	distance between points of contraflexure in columns 
m 	 modular ratio Es/Ec' 
M 	 applied moment 
Ncr cracking moment 
Md c diagonal cracking moment 
Mm maximum measured moment 
Mu ultimate flexural 	strength of a section 
My yield moment 
Pa applied column load 




P 	Ultimate compressive strength of a column 
Pb 	beam reinforcement ratio A5t/bd 
PC • column reinforcement ratio Asc/bchc 
PO 	beam reinforcement for balanced conditions 
ratio A/bd 
P" 	ratio of volume of stirrup to volume of bound concrete 
q" 	a parameter referring to the effectiveness of transverse 
reinforcement (defined in Section 4.4) 
R 	 Ratio Ec/E 
rv 	lateral reinforcement ratio Av/bcSv 
Sc 	standard deviation 
spacing of transverse reinforcement 
Vcr  Vcr shear cracking stress and load 
Vc .V c 	shear stress and force transferred by concrete 
Vdc 	diagonal cracking shear stress 
v52 V s 	shearing stress and force, carried-by transverse 
reinforcement 
v, V 	ultimate shear stress and force 
u 	 ductjlit ' index my 
xd 	distance of neutral axis from compression face 
xd 	distance of neutral axis from compression face at ultimate 
yd 	distance of centre of compressive block from neutral axis 
z 	 distance between the section of maximum moment and zero 
moment 
a 	 ratio of the principal stress in the orthogonal 
direction to the principal stress in the axis considered 
factor reflecting loading to be imposed 
Y 	• 	factor reflecting confinement of joint by lateral members 
C 	 strain in concrete 
(xi) 
NOTATIONS (continued) 
strain in concrete at maximum stress f 0 
strain in concrete at ultimate failure 
CU 
strain inbound concrete at ultimate failure 
0 rotation of a member (with appropriate subscripts) 
A deflection at the free end of cantilever beam 
(with appropriate subscript) 
p frictional 	coefficient 
p Poisson's 	ratio 
curvature at a section (with appropriate subscript) 
a direct stress at failure plane 
-C shear stress at failure plane 
11 efficiency ratio Mm/Mu 
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CHAPTER 1 : 	INTRODUCTION 
1.1 	GENERAL INTRODUCTION 
The joint between the beam and the column is often the most 
critical section in the reinforced concrete frame. 	From the 
strength consideration a joint must be as strong or stronger than 
the members framing into it. 	In the individual members, 
knowledge of the internal forces, the magnitude and the deform-
ations which'they impose on the structure could be sufficient for 
an efficient design layout, but the situation at the intersection 
of these members is quite different. 	This region is subjected to 
a complex stress distribution due to the effect of multi-directional 
forces, such as axial load, bending, torsion and shear transferred 
by the members as a result of the external design loads. 	The 
situation is further complicated by the effect of the forces 
arising from creep, shrinkage and the temperature changes and the 
confinement provided by the beams framing into the column. 	In 
the light of these considerations the necessity for investigating 
the strength and behaviour of the beam-column joints under the 
influence of various design variables is evident. 
The beam-column joint in a reinforced concrete frame 
usually occupies one of the four situations shown in Figure 1.1; 
viz - (a) exterior joint, (b) corner-joint, (c) edge joint, 
(d) interior joint. 	A considerable amount of information on 
the exterior beam-column joint, subjected to axial compression and 
-1 - 
Exterior Joint 	 (c) Edge Joint 
Corner Joint 	 (d) Interior Joint 
FIGURE 1.1 	TYPES OF BEAM-COLUMN JOINT 
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moment applied about one principal axis only, is available and is 
reviewed on the subsequent pages. 	However, the beam-column joints 
in structures such as multi-storey buildings are almost invariably 
subjected to combined compression and bi-axial bending. The present 
investigation is thus confined to the strength and behaviour of a 
corner beam-column joint in reinforced concrete shown in Figure 1.1(b). 
1.2 	REVIEW OF LITERATURE 
The design of the joints in reinforced concrete frames is 
(1* 
based on the three important considerations' / : 
The anchorage for the flexural-reinforcement in the beams 
framing into the joint should be adequate. 
The transverse reinforcement in the joint should be 
sufficient for the transmission of column load through the 
joint and to resist any internal shear in excess of that 
carried by the concrete. 
The reinforcement arrangement and proportioning of the 
joint should be such that the ductility under the most 
critical combination of loadings is adequate. 
The first two conditions enumerated above are thus concerned 
broadly with investigations for providing an efficient reinforce-
ment arrangement, so that the joint performs satisfactorily under 
the loading imposed on the structure, while from the ductility 
* the number in parenthesis indicates the reference at the end. 
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consideration, the requirements for the joint are mainly concerned 
with the study of the deformations at the joint imposed by loading 
conditions. A considerable number of experimental and theoretical 
investigations have been carried out, on these two aspects of joint 
requirements, namely : 
Reinforcement detailing and the strength and efficiency of 
the joint; and 
Load-deformation or moment-curvature characteristics. 
Investigations on the relative merits of various reinforcement 
detailings in concrete corner joints were carried out by Mayfield 
et al 2 . 	They compared the effects of twelve types of 
reinforcement detail on the ultimate strength, cracking and 
stiffness of the flexural corners. 	The ratio of Mm - the 
measured ultimate flexural strength to M u - the calculated 
theoretical moment capacity of the members adjacent to the 'corner 
was taken as a measure of the joint efficiency. 	It was found that 
when the applied load was closing the corner all the specimens 
tested had adequate strength, in the sense that the ratio Mm/Mu 
exceeded unity, but when the applied load tended to open the 
corner, the detailing of reinforcement was found to have an 
important effect on strength. 
Swann (3)  , Baliant and Taylor (4) and Nilson Ingvar (5 have 
published the results of their investigations on reinforced 
concrete frame joints. 	They have also studied the structural 
4 
efficiency of such joints under different reinforcement 
detailings and loading conditions. 	These investigations 
concluded that from the detailing view-point, it was not sufficient 
to merely satisfy the anchorage-and bearing requirements since an 
opening flexural corner-joint is always weaker than a similar 
closing corner for all types of reinforcement detailings. 	In 
the failure modes of an opening corner a •characteristic diagonal 
cracking pattern is formed, which tends to split the outer part 
of the corner away from the rest of the joint. 
An important contribution to the experimental evidence on 
the strength and behaviour of cast-in-place beam-column joints is 
provided by the investigations carried out by Taylor, Somerville 
and Clarke (6,7,8) at the Cement and Concrete Association. 	These 
tests included a range of parameters - type of reinforcement 
detailing, beam steel percentage, column loads, provision of 
additional column ties and beam thrust. 	They investigated the 
relative suitability of certain types of reinforcement detailings 
(shown in Figure 1.2 ), from strength and serviceability considerations 
and: recommended: -that. the-moment at which the diagonal cracks appear 
in the joint can reasonably be considered as a criteriopfor the 
serviceability limit. 	They also found that the bending moment that 
is transferred from the beam to the column is carried by the column 
in equal amounts above and below the joint until the formation of 
cracks. 	After this stage the closing corner of the joint shares 
more moment than the opening corner side and at ultimate, the 
distribution on the two sides could be seventy and thirty percent. 
(a) 	 c b) 	 (c) 
FIGURE 1.2 	REINFORCEMENT DETAILINGS 
(2, 3, 4, 6) 
i __ _ ~Ij  
loading spindle 
FIGURE 1.3 	MODEL SPECIMEN ADOPTED BY ISMAIL 9  ) TO 
SIMULATE A BEAM-COLUMN JOINT 
i 
Some phenomena concerning bearing-strength of bends and local bond 
strength in the presence of transverse force or restraints were 
not completely understood in this study and more fundamental 
research in this area has been suggested. 	However, these 
investigations are limited to the exterior beam-column joint 
sUbjected to axial compression and bending about one principal 
axis only. 
Some aspects of the phenomena concerning the bond strength 
and behaviour of anchored bars were studied by Ismail and Jirsa 9 . 
The test specimen, adopted to simulate the anchorage conditions 
at an exterior beam-column joint, was a cantilever beam framing 
into an enlarged block, as shown in Figure 1.3. 	The variables 
investigated included the load history, the beam geometry, and 
their influence on the stresses along the bar and on elongation 
of the bars'. 	It was found that under repeated loads, the 	stresses 
and elongations are increased with increasing end deflections, but 
under reversing loads only the elongations are increased and there 
is no significant change in stress distributions,. 
Marques and Jirsa ° have also carried out investigations 
on the anchorage requirements for the flexural reinforcement in. 
beams framing into the joint. 	The specimens, simulating a 
typical exterior beam column joint were tested to evaluate the 
capacity of anchored beam reinforcement subjected to varying 
degrees of confinement at the joint. 	The effects of the axial 
load level, vertical column reinforcement, side concrete cover 
and lateral reinforcement through the joint on the performance of 
standard hooked bars were also studied. 	The influence of column 
load was observed to be negligible on the stresses along the 
bar. 	It also does not offer any restraint to splitting of the 
side cover and may actually reduce the strength by causing lateral 
strains in the same directions. 	The effect of closely spaced ties 
is definitely beneficial and the reduction in side cover reduces 
both the strength and deformation capacities. 	The findings, 
though concerned with only a narrow aspect of joint behaviour, 
could be very useful for evaluating the overall strength and 
efficiency of concrete frame joints under a complex stress 
distribution. 
The ductility requirements of reinforced concrete frame 
joints are intimately related to the load-deformation*  behaviour. 
A number of investigations have studied the load-deformation 
characteristics of the beam-column joints. 	Most of the 
experimental models adopted to simulate a beam-column joint 
differ only slightly from each other. 	McCollister ) took a 
simply supported beam wi:th a column stub on one side of the 
beam, while the stub was extended to both sides in the test 
specimens adopted by Ernst 2 and Burns and Siess 3 , 	The 
load was applied through the: column stub as shown in Figure 1,4. 
The assumption in adopting a simply supported beam to simulate 
the beam column joint is, that provided the support approximates 
the location: of the -point-of inflexion, simll'itude is maintained. 
But it has not yet been proven that the simple support simulates 
(a) McCollister's Test Specimen' 
,1Yz 
uJ 	II It 	. II] 
T' 
rs1.Axfr  
9f o fl 
Ernst's Test Specimen (12) 
(14) 
 
1 	 d= 10 14 O R 
Burn's and Yamashiro's Test Specimen (13,14)  
- 
6 .1 1 
FIGURE 1.4 	TEST SPECIMENS ADOPTED TO SIMULATE A BEAM-COLUMN JOINT 
7 
the behaviour of continuous support section. 	Moreover, if 	the 
critical section tested is subjected to pure bending, the results 
are less likely to be applicable. 	Similitude is even more 
doubtful in those tests which model a column load by means of a 
stub under the applied load. 	However, though the system adopted 
may be questionable the behaviour of experimental variables is not 
likely to be much affected, if the shear span ratio is less than 3. 
The experimental study conducted by Szulczynski and Sozen 14 on 
concrete prisms reveals the effect of the confinement provided by 
the rectilinear transverse reinforcement on the deformation 
behaviour. - In a similar type of study, the effect of bending 
moment, shear and axial load on the strain distribution and 
moment rotation characteristics of reinforced concrete was 
investigated by Yamashiro and Siess 5 . 
Burnett et al 06 ' 17 studied the load deformation character-
istics of the reinforced concrete beam column connections and 
considered the system itself as a variable. 	Six system 
models, shown in Figure 1,5, were studied and the comparison 
was made of their relative suitability to simulate a beam-
column joint on the basis of post-yield section response, ie, 
strength and inelastic deformation. 	It was concluded that 
any experimental model simplerthan a two span continuous beam 
is inadequate for simulating a beam-column joint. Some 
additional variables, whose influence on strength and behaviour 
was also studied were: the amount of tension reinforcement, tie-
spacing, type of loading, the presence of the column and the 
Model of Beam Support Section 
A 
Simulation of Column 
Lj 
Introduction of Column Stub 
Statically Indeterminate Model 
Introduction of Column Stub 
(f) Introduction of Column Load 
FIGURE 1.5 .B1JRNETT.'SMODEL SYSTEMS FOR BEAM-COLUMN JOINT 
column load level. 
While investigating the relative merits of different system 
models to simulate the frame-joints it becomes evident that 
though the stress distribution in the beam-column joint region 
is quite complication for an analytical study, as far as an 
experimental investigation is concerned, reliable results can 
only be obtained if the tests are carried out on the beam-
column joint specimens as such, instead of adopting some simpler 
system model to simulate the behaviour. 
A number of analytical investigations have also been carried 
out on the moment force deformation of reinforced concrete frames 
and the individual members. 	Some of these works, which are 
more relevant to our subject, as they provide an insight into 
the ductility behaviour and the analytical approaches usually 
made to study it-, are reviewed here in brief. 	The rotational 
capacity of a connection is governed by its ductility and is a 
function of the response of the concrete in the immediate 
vicinity of theco:nnection..:..Roy and Sozen(8) and Bertero and:: 
Fe1lipa 9 . studied the load-deformation characteristics of the 
members subjected to axial loads. 	It was found that the load 
carrying capacity of--the - concrete is not enhanced by the square 
ties with or without longitudinal reinforcement, but the ties 
definitely provide a significant improvement in the deformation 
capacities of the: concrete. 	Aoyama-Hiroyuki. 20) studied the 
moment curvature characteristics of reinforced concrete members 
9 
subjected to axial load and reversal of bending an1 found that the 
axial load affects the shape of the moment-curvature diagrams 
quite significantly, but the effect of reinforcement ratios and 
concrete strength on these diagrams is quite insignificant. 
Mattock (21)  studied the rotation capacity of hinging regions in 
reinforced concrete beams. 	In order to evaluate the rotation 
capacity of a hinging region, adjacent to support, the moment 
curvature relationship corresponding to the moment gradient 
condition is established by using equations derived from the 
concepts of compatabilityof strains and equilibrium of forces. 
As an extension of Mattock's work, Corley (22)  studied the 
inelastic rotation capacity of hinging regions in reinforced 
out 
concrete members. 	Tests were carriedjon forty beams, the size 	---= 
of specimen and the confinement of concrete in compression 
being the main parameters. 	He derived expressions to predict 
the limiting valueforthe total inelastic rotation and the 
spread of plasticity. 	The expression derived for maximum 
average concrete strains included the effect of beam width and 
shear span.  
Pfrang, Siess and Sozen 23 made an analytical investigation 
of the moment load curvature characteristics-under un-i-axial 
bending by assuming astrain distribution over the depth of the 
member and 'the stress-strain relationships for the' concrete and 
s-teel; -- " - ' - The"resuTtant'axja'l - force and moment were then calculated 
from normal stresses and the curvature from the stress distribution. 
10 
Medi and and Taylor (24)  adopted the same approach but used a 
single polynomial relationship for representing the concrete 
stress-strain curve, which made great simplifications in the 
moment curvature relationship. 	Kroenko et al (25 has adopted 
the same approach for their finite-element study of. the moment 
curvature relationship of frames, but also included the 
unsymmetrical- placement of steel and the strain hardening of the 
steel in. their study. 	Warner 26 studied the bi-axial moment 
thrust curvature relations by replacing the concrete and steel 
areas by many small discrete areas and then the resultant 
force and bi-axial moments were calculated from the forces and 
moments of elemental areas. 	Pfrang and Siess 27 and Breen 
and Ferguson 28 have also studied the inelastic load moment 
curvature relationship of a long restrained column-by-using  
numerical analysis method of successive approximations. 
In a comprehensive analytical study on the flexural 
ductility of reinforced concrete sections Ghosh and Cohn (29)  
have investigated the influence of a wide range of geometrical, 
material and loading..variabies.r . - They found that the major 
factors, which greatly influence the ductility are : the 
concrete quality, amount and type of tension reinforcement, 
spacing and amountoflateral reinforcement and the axial load 
level. 	The section ductility increases with higher concrete 
strengths and lower reinforcement strengths. 	The effect of 
increasing the amount - of -lateral reinforcement by decreasing the 
tie spacing is also beneficial but ductility decreases with 
11 
increase in the amount of tensile reinforcement. 	The tensile 
strength of the concrete, the section dimensions and the cover 
thickness do not have any significant effect on the ductility. 
Chan (30)  analytically investigated the ultimate strength and 
deformation of plastic hinges in reinforced concrete frames by 
comparing the idealized assumptions of plastic hinges concentrated 
at a point and the actual spread of plasticity. 	He found that 
the under-reinforced section develops larger plastic rotations and 
the lateral binding increases the stress-strain capacity of 
concrete, which can be employed to increase the rotation 
capacities and ductility of joints. 	He has given a method to 
compute the plastic rotation. 	The analytical study is supported 
by experimental evidence. 
Yamada and Furui (31)  carried out theoretical and experimental 
research on the ductility requirements of the dynamic behaviour of 
reinforced concrete members subjected to axial loads. 	Tests 
were carried out to study the effect of axial-load level ratios, 
shear span ratios and web reinforcement ratios upon their shear 
resistances and fracture modes. 	An analytical approach to the 
problem was also presented to support the experimental study. 
An important finite element study of reinforced concrete 
frames has been made by Suidan and Schnobrich 32 , The study 
incorporates the elasto-plastic behaviour of concrete and the 
effect of the reinforcement steel. The analysis includes a 
12 
factor of shear retention in the cracked plane of the concrete. 
Three-dimensional isoparametric 20 node rectangular elements 
were used and the stresses and strains were evaluated at inter-
section points. 	Cracking, yielding and crushing patterns were 
determined from the stress and strain values. 
Tests have also been carried out on the seismic-resistance 
of beam-column joints. 	Hanson and Connor (33) carried out 
investigations on beam-column joint specimens under ultimate 
loading conditions and studied the effect of seismic loading 
on the strength and ductility of the joint. 	The cumulative 
ductility of a test specimen provided a measure of the ability 
of the structure to withstand seismic deformation. 	The major 
test variables studied were column size, column load, amount of 
joint reinforcement and degree of confinement at the joint. 
Hanson 34 also demonstrated the effectiveness of grade 60 steel 
under seismic loading conditions. 	Blackey and Park 35 tested 
a precast. prestressed beam-column assembly under seismic loading 
conditions. 	The test variables included were : amount of 
transverse confining steel and the position of plastic hinges 
in the members. 	It was concluded that large post-elastic 
deformations can be attained in prestressed concrete members. 
Megget and Park (36) carried out tests on the seismic-
response of exterior beam-column joints. 	The design parameters 
examined under the influence of intense seismic loading 
conditions in the inelastic •range were the method of anchoring 
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the longitudinal beam reinforcement within the column and the 
amount of transverse shear reinforcement within the joint 
region. 	The joints of all the specimens were proved to be 
inadequately reinforced to resist the large joint shears, under 
seismic loading conditions in the inelastic range. 
The tests conducted by Townsend (37) to, study the inelastic 
behaviour of an exterior beam-column joint under earthquake 
loading conditions revealed that the flexural and shear strength 
of such joints could be greatly reduced by the bond failure which 
results from steel strains produced by relatively low tensile 
loads. 	It was also observed that these joints crack in such a way 
that though the plastic hinging starts in the beam near the 
column face, the cracking extends into the column with additional 
loads, which reduces considerably the flexural strength. and to 
some extent the compressive strength.of the column. 	The loss 
of column strength due to hinging in the adjacent beam is a very 
important conclusion from design considerations. 	The photo- 
elastic study conducted by Bayly .(38)  provides an insight into 
the stress-field at the beam-column junction of a perspex model. 
The information regarding the direction of stresses and strains 
inside the joint region is useful for detailing the reinforcement 
and analysing the strength of the members. 
Summing up. the investigations reviewed above, wearrive at 
the following conclusions. 
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Most of the investigations carried out on the strength of 
the beam-column joints whether under static loading or 
dynamic loading conditions are 0 related to the joint sub-
jected to axial compression and bending about one principal 
axis only. 	But the beam-column joints in most concrete 
frames are subjected to axial compression and bi-axial 
bending. 	The need for extensive investigations on this 
subject is thus self-evident. 
It will be more appropriate that the experimental investi-
gation on the ductility requirements of a concrete frame 
joint is carried out on beam-column joint specimens as such, 
instead of adopting some simpler system model to simulate 
the joint. 
The major factors which have more significant effect on the 
strength and behaviour of reinforced concrete frames and 
individual members are : the axial load, concrete strength, 
amount of tension reinforcement, lateral reinforcement, tie 
spacing, confinement of the joint and the detailing of the 
reinforcement. 
1.3 	JOINT UNDER AXIAL COMPRESSION AND BI-AXIAL BENDING 
The problems which are specifically associated with the 
strength and the ductility of the joint subjected to bi-axial 
bending can be identified as follows 
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How the strength and failure mechanism of the joint under 
bi-axial moments is influenced by the axial load level and 
what should be considered a reasonable serviceability 
criteria for such joints. 
How the bi-axial bending affects the ductility behaviour of 
the joint and how the load deformation characteristics are 
influenced by column load level in combination with the 
variation of other design variables, especially the member 
reinforcements. 
How the ultimate strength and shear-requirements of the 
joint are influenced by varying the concrete strength at 
high axial loads and bi-axial bending and what contribution 
is provided by the transverse reinforcement to the shear 
strength of the joint. 
What may be the possible consequences of the column hinging 
on the strength of the structure. 	 - 
As has been pointed out by many investigators, the column 
load level is one of the most important variables in the study of 
reinforced concrete frames and individual members, as it affects 
the flexural strength, ductility, shear strength and even the 
bond and bearing requirements. 	Consequently while studying 
the behaviour of the joint under bi-axial bending the effects of 
the other design variables should be investigated under varying 
axial load. 
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The information has been provided by Pagay et al (39) on 
the influence of beam properties on the behaviour of concrete 
columns. 	They found that the steel ratio in the beam- 
reinforcement influences the strength of the column significantly. 
Obviously it would be interesting' to investigate if this effect 
is at. least as significant in a situation where two beams are 
framing into the column. 	 . 
It is clear from various investigations that the stirrup 
reinforcement is necessary to provide adequate strength and 
ductility. 	But the shear-transfer concept implies that the 
distribution of column reinforcement is also quite important. 
Soliman and Yu 40 studied the influence of rectangular trans-
verse reinforcement on the stress-strain relationship of concrete 
and found that the relationship is greatly influenced by the 
size, spacing and amount of lateral reinforcement. 	Thus, the 
reinforcement ratios in the beam, column and joint region are 
the important variables, le, those whose effects on the 
performance of the joint under bi-axial moments can be 
significant. 
The concrete in a joint under bi-axial bending is subjected 
to flexure, shear and axial forces. 	The ultimate strength of 
concrete is greatly influenced by the bi-axial and tn-axial 
stresses, and it is evident that the concrete strength is another 
important variable which should be included in the study of the 
strength and behaviour of the beam-column joint subjected to bi-
axial bending. 
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1 .4 	SCOPE OF THE INVESTIGATION 
The main objective of this study is to carry out an 
experimental investigation on the strength and behaviour of a 
concrete corner beam-column joint subjected to axial compression 
and bi-axial bending. 	The strength of the joint is to be 
evaluated under the varying influence of axial load, tensile 
reinforcement in the beam, longitudinal column reinforcement, 
transverse reinforcement in the beam, transverse reinforcement 
in the joint and the concrete strength. 
It is proposed that the influence of reinforcement ratios 
is studied at both low and high axial column loads. 	The 
investigation includes the study of the influences of the 
variables on the shear requirements of the joint. 	The effect of 
the variables on the failure mechanism and deformation behaviour 
is also investigated and curves are drawn for the load deformation 
characteristics under the influence of different variables at low 
and high column loads. 
It is also intended to establish semi-empirical and 
analytical approaches for evaluating the ultimate flexural and 
shear strength of the joint and the inelastic-deformation. 
The detailing of the reinforcement in the joint is carried 
out according to the recommendations of previous investigators, 
and code provisions. The reinforcement detailing is thus not 
considered as a variable in this study and the effects of 
shrinkage, creep and temperature changes are also excluded from 
the investigation. 	The study. concentrates on the structural 
behaviour of cast-in-situ beam-column joints under static loading 
conditions. 
1.5 	OUTLINE OF THE INVESTIGATION 
Tests were made on 34-model specimens having the 
following variables 
Column Load Level - The axial load being varied as 10, 20, 
30, 40, 50 and 60 percent of the ultimate compressive 
strength of the column. 
Longitudinal Reinforcement in the Column - The 
reinforcement ratio p
c  varying as 4.53, 3.92, 3.14,'2.01 
and  1.41 percent and specimens tested at 10% and 50% 
column load level. 
Lateral Reinforcement in Joint - The lateral reinforcement 
ratio r
y  varying as O;53, 0.40, 0.35, 0.18 and zero percent 
and specimens tested at 10% column load level. 
4,, 	Tensile Reinforcement in Beams - The reinforcement ratio 
varying as 0.72, 1.28, 2.00, 2.55 and 2.99 percent, and 
tested at 10% and 60% column load level. 
5. 	Lateral Reinforcement in. Beams - The ratio p" between the 
volume of a stirrup and the volume of bound concrete 
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varying as 0.005, 0.0074, 0.0148, 0.0167 and 0.0333 and 
tested at 10% column load level. 
6. 	Concrete Strength - Tests were made at 50% column load 
level and the strength of concrete varying as 40, 35, 30, 
25 and 20 N/mm2 . 
The investigation consisted of both experimental and analytical 
phases. 	The detailed particulars of the, design specimens, 
properties of material, • testing procedure and instrumentation are 
reported in' Chapter 2. 	Chapter 3 describes the general behaviour 
of the test specimens and mechanism and possible modes of joint 
failure. ' The force distribution in the joint region under 
different situations is also discussed to provide an insight into 
methods of assessing the joint performance. 
A generalized stress-strain 'relationship for concrete under 
flexural compression is analytically established and simplified 
on the basis of test results in Chapter 4. 	The simplified 
relationship is adopted as a representation of inelastic stress 
distribution and the computations are made for the stress block 
parameters. 	The method is, also extended for the computation of 
stress block parameters for a confined section on the basis of 
certain basic relationships suggested by other investigators. 
An expression has also been derived which can be adopted to 
represent the stress-strain relationship of concrete under bi-
axial compression. 
Chapters 5 and 6 describethe moment curvature 
characteristics and the deformation response of various test 
specimens. 	Comparison is made between computed and measured 
results. 	The curvature distribution and rotational behaviour 
of the test specimens are also discussed and an empirical 
relationship is proposed which is capable of adequately 
representing the post-yield deformation of a flexural member 
in a beam column joint. 
The shear and bond considerations for the strength and 
behaviour of a beam column joint under bi-axial bending are 
reported in Chapter 7. The influence of various parameters 
:on the various aspects of the joint behaviour are described in 
- Chapter 8. 	The general conclusions drawn from this study are also 
summarised in Chapter 8 and some suggestions are also made for 
further research in this field. 
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CHAPTER 2 : TEST PROGRAMME 
2.1 	INTRODUCTION 
The principal object of the test programme was to study the 
gradual behaviour and failure mechanism of a beam column joint 
subjected to bi-axial bending under different combinations of forces 
and design parameters. 	This Chapter deals with the design of 
the test specimens, material properties, a description of the test 
programme, test arrangements, instrumentation and the procedure. 
In selecting the test programme, the parameters kept constant 
were: the section geometry, the quality of steel and the 
detailing of the reinforcement. 
2.2 	DESIGN OF SPECIMENS 
2.2.1 Proportioning of Model Specimens 
The dimensions and details of the model specimens selected 
for this study are shown in Figure 2.1. 	The dimensions of the 
column--and beam which are commonly adopted in reinforced concrete 
building frames can provide guidance for selecting the approxi- 
mate dimensions of test members of a model specimen. 	The beam 
span in multi-storey frames often varies from 3.5 to 16 metres 
and the column height is usually kept between 2.5 and 4.5 metres. 
If the column height is kept low more column-shear will be 
expected, but column shear is not critical in such franies. 
A short column is purposely adopted in this study as a slender 
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column could further complicate the behaviour and failure 
mechanism. 	ACI-ASCE Joint Committee 352 in its tentative 
draft on recommendations for design of beam column joints (41) 
has suggested that the minimum height of the column to be 
considered for studying the behaviour of beam column joints 
should be 2 b c + D + 2 h,  where b c and hc  are the widths of 
the two sides of the column section and D is the depth of the 
beam framing into it. 
Thus, if a square column 10 cm x 10 cm is selected and the 
beams framing into two adjacent faces are 7.5 cm wide and 12.5 cm 
deep, then the height of column should be 52,5 cm. 	The actual 
height of the column adopted for a model specimen was 55 cm. 
Since the ends were supported to provide pinned end conditions, 	- 
the effective height of the column was 60 cm. 	The spans 
of cantilever beams were kept to 35 cm, but the loads on the 
beams were applied at 30 cm from the column faces. 
2.2.2 Design of the Structural Members 
The structural members were designed according to 
CP 110 1972 (42  ) and the design was further checked to 
satisfy the provisions of ACI 318-71 (43)  and the 
recommendations of ACI-ASCE Committee 352 . 	According to 
CP 110 any structural frame in a building provided with lateral 
stability by walls or by bracing designed to resist all lateral 
forces may be considered designed to consist of continuous beams 
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and columns. 	A similar approach is adopted by ACI 318-71. 
According to the provisions of ACI 318-71 the vertical 
reinforcement ratio in columns should be limited to a minimum 
of 1.0 percent and to a maximum of 6 percent in a ductile frame. 
In the 'NM' series,, the columns were reinforced with 4.53 
percent, '3.92 percent, 3.14 percent and 2.01 percent steel 
respectively. 	The specimens (except last) were designed to have 
considerably larger moment capacity than the beams under the 
imposed loads. 	The specimens of this series were tested at 
10 percent column load level. The term 'column load level' in 
this study is used to describe the ratio of axial load applied 
and the ultimate compressive capacity of the column section in 
the absence of any moment. The compressive strength of column 
sections was computed from the following expression as suggested 
by ACI 318-7 
P u = 0.85 c'"9 - A) + A f 






ultimate. strength of a column section 
cylinder strength 
gross area of section 
area of longitudinal reinforcement 
yield stress of compressive reinforcement 
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The column load level has been expressed as the percentage 
of ultimate strength computed from this expression in this 
study. 
The four specimens of the 'NO' series designed for similar 
column reinforcement ratios were tested at 50 percent column 
load. 	The columns in JI the other 2Z' specimens were 
reinforced with 5 number 6 mm diameter bars, providing 1.41 
percent steel. 
- The - design of the column ties in and near the joint was 
also based on the provisions of CP 110 and ACI 318-71. 	Square 
ties, 3 mm diameter, were provided in the column and joint 
region. 	The, spacing of ties was decided according to the 
shear expected in the joint and the shear resisted by the 
concrete was computed as per the recommendations of ACI-ASCE 
Committee 352. 	Hanson (34) found that the ACI provisions 
were too conservative and that the lateral reinforcement could 
further be reduced. 	Thus, the lateral reinforcement provided 
in the six specimens of the first series.was about 70% of 
that suggested by the ACI provisions. 	It was found that the 
specimens of this series were able to develop the required 
strength and as such the same amount of transverse reinforce- 
- ment was provided in the specimens of other series except in 
the four specimens of the 'NR' series in which the lateral 
reinforcement in the joint was itself a variable. 	No trans- 
verse reinforcement was provided in the joint in specimen NR26. 
87,000 + f  





The beam reinforcement ratio as per ACI 318-71 should not 
be more than 0.75 p0 , p 0  being the reinforcement ratio for 
balanced conditions at ultimate moment, and given by 
where 	fc 
 = 4300 psi (concrete cylinder strength = 30 N/mm 2 ) 
f 
	43000 psi (yield stress of main reinforcement 
= 304 kN/mm2 ) 
k 1 = 0.85, a constant depending on 
p > 0.75 p 0 
= 0.75(0.85)(0.85)( 2FT 	T-9-0 
= 0.036 
Also, = 	= 0.005 
 200 	
,.. (2.3) 
CP 110 puts the limit of the beam reinforcement ratio 
between 0.25% and 4%. 	According to ACI 318-71, the sum of the 
strengths of the column at the design axial load should be 
greater than the sum of the moment strengths of the beam along 
each principal plane at that joint. 	This recognizes that it 
is desirableto have-  plastic hinges in beams rather than in 
the column. 	The tensile reinforcement ratio in the beams of 
all the specimens was kept at 1.28 percent. 	The location or 
the plastic hingewill change gradually from beam to joint and 
column region as-the reinforcement ratio in the beams is 
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gradually increased. 	The beams of the specimens of the 'NP' 
series were reinforced with 0.72 percent, 2.00 percent, 
2.55 percent and 2.99 percent steel respectively, the vertical 
column reinforcement being constant at 1.41 percent. 	This 
series was tested at 10 percent column load. 	The specimens 
of the 'NQ' series, designed with similar-reinforcement ratios 
were tested at 60 percent column load. 
In all the under-reinforced beams, two 3 mm diameter bars 
were also provided on the compression side as distribution 
reinforcement to carry the web-reinforcement. 	Rectangular 
links, 3 mm diameter, 6.0 x 10.5 cm, were provided as web-
reinforcement in the beams at 7.5 cm spacing except in the 
specimens of the 'NS' series in which the lateral reinforcement 
in the beams was itself a variable. 	Changes in transverse 
reinforcement were achieved both by providing stirrups of larger 
diameter and by keeping the diameter of stirrups. constant, but 
reducing the spacing between them. 	The specimens of the 
series 'NS' were tested at 10% column load. 
The anchorage of. the main beam reinforcement into the 
column was provided to satisfy the requirements of CP 110 and. 
ACI 318-71 and the detailing inside was based on the recom- 
mendations made by Somerville. 	Taylor and others 7 ' 9 ' 4 ' 45 ' 46 ' 47 ) 
The anchorage length required by the bond stress limitation was 
provided by a horizontal extension of the beam bars into the 
column, then with a 900 bend with 5 x 4 radius ( being the 
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diameter of the bar) and finally a vertical extension along the 
axis of the column as allowed by CP 114. 	This detailing has 
also been found to be quite efficient under static loads by 
Mayfield et al 2 . 	It ensures that the bearing stress inside 
the bend will remain within the permissible limit defined by 
CP 110. 
The reinforcement and other details of the test specimens 
are given in Table 2.1. 	The basic layout of the reinforcements 
in a model specimen is shown in Figure 2.2, 
2.2.3 	Materials and Fabrication 
The concrete was made with rapid hardening portland 
cement, 10 mm maximum size gravel and BS 882 grading zone 4 
type sand. 	The various mixes adopted and the concrete 
strength measured from cylinder tests on the day of testing are 
listed in Table 2.2, 	The specimen of all the series, except 
series 'NT', in which the concrete strength itself was a 
variable, were designed for a concrete strength of 30 N/mm 2 . 
It was therefore possible to study the variation of the strength 
of concrete for this type of mix. 	Nine cylinders were cast from 
the same batch of concrete which was prepared for casting a 
specimen. 	One set usually consisting of six samples was tested 
on the day of testing of the joint specimen, while another set 
of three samples was tested at 28 days. 	The mean value and 
standard deviation of the strength of the concrete at the day 
TABLE 2.1. 	DESCRIPTION OF SPECIMENS 
.. 	. . LONGITUDINAL TRANSVERSE TENSION . LATERAL 
COLUMN REINF. REINF. 	IN COL & JOINT REINF. 	IN BEAMS REINF. 	IN BEAMS 
CONC. COLUMN * NO. AND DIA. AND SPACING I 	NO. AND DIA. DIA. AND SPACING SPECIMEN STREN. LOAD DIA. OF BARS OF STIRRUPS OF BARS OF STIRRUPS 
Minim2 
LEVEL - . 
NN 1 30. 10 5; 6 	m 1.41 	L 4.5 mm; 6 cm 2;8 mm 1.28 3mm; 7.5 cm 
NN  30 i 20 5; 6 mm 1.41 4.5 mm; 6 cm 2; 8 	m 1.28 3 mm;'7.5 cm 
NN 3 30 30 5; 6 mm 1.41 4.5 	mm; 6 cm 2; 8 mm 1.28 3 mm; 7.5 cm 
MN4 30 40 	1 5; 6 mm 1.41 	. 4.5 mm; 6 cm 2; 8 	m 1.28 3 mmmi; 	7.5 	cm 
MN 5 30 50 5; 6 mm 1.41 4.5 mm; 6 cm 2; 8 mm 1.28 3 mm; 7.5 cm 
NN 5 30 . 	60 5; 6mnin 1.41 4.5mm; 6cm 2; 8mm 1.28 3mm; 7.5 cm 
NM 7 30 10 4; 12mm 4.53 4.5 mm; 6 cm 2; 8 	m 1.28 i 3 mm; 7.5 cm 
NM8 30 10 . 	5; 10 mm 3.92 	. 4.5 mm; 6 cm 2; 8 	m 1.28 3 mm; 7.5 cm 
NM9 30 10 4; 10 mm . 	3.14 4.5 mm; 6 cm 2; 8 	m 1.28 3 mm; 7.5 cm 
NM 10 30 10 4;8mm 2.01 4.5 mm; 6 c 2; 8 	m 1.28 3 mm; 7.5 cm 
NO 11 	I 30 	. 50 4; 12 mm 4.53 4.5 mm; 6 cm 2; 8 	m 1.28 3m; 7.!) Cm 
NO 12 	. 30 	. 	. 50 	. 5; 10 mm 3.92 4.5 mm; 6 cm 2; 8 mm 1.28 3 mm; 7.5 cm 
NO 13 	. 30 50 	. 4; 10 mm 3.14 4.5 mm; 6 cm 2; 8mm 1.28 3 mm;. 7.5 cm 
NO 14 30 	. 50 	: 	.  8mm 2.01 4.5 mm; 6 cm 2; 8 mm 	.. 1.28 3 mm; 7.5 cm 
NP 15 30 10  6 mm 1 	1.41 4.5 mm; 6 cm 2; 6 mm 0.72 3 mm; 7.5 cm 
NP 15 30 	. 	•. 10 5; 6 mm 1.41 4.5 mm; 6 cm 2; 10 mm 	f 2.00 3 mm; 7.5 cm 
NP 17 30 	. 10 5; 6mm 1.41 4.5 mm; 6 cm 4; 8 	m 2.55 4.5 mnmn; 	7.5 	cm 
NP1à 30 10 5; 6 mm 1.41 	1. 4.5 mm; 6 cm 1 	3; 10 mm 2.99 4.5mm; 7.5 cm 
NQ 19 30 60 5; 6 mm 1.41 4.5 mm; 6 cm . 	2;6 mm 0.72 3 mm; 7.5 cm 
NQ 20 30 	. 60 5; 6mm 1.41 4.5 mm; 6cm 2; 10mm 2.00 3m; 7.5 cm 
Table 2.1 (continued) 
LONGITUDINAL TRANSVERSE TENSION LATERAL 









OF BARS Pc() 
OIA. AND SPACING 
OF STIRRUPS 
NO. AND DIA. 
OF BARS 
DIA.. AND SPACINGS 
N/mm2 LEVEL 
,I'b) OF STIRRUPS 
SI 
NQ21 30 60 5 6 mm I 	1:41 4'. 5 mm, 6 cm 4, 8 mm 2 55 4.5 mm 	75 cm 
N922 	J 30 60 5; 6 mm 1.41 4.5 mm; 6 cm 3; 10 mm 2.99 4.5 mm; 	7.5 cm 
NR  10 4; 10 mm 3.14 4.5 mm; 8 cm 2; 12 mm 2.9 4.5 mm; 	7.5 cm 
NR 24 30 10 4; 10 mm 3.14 3.0 mm; 4 cm 2; 12 mm 2.99 4.5 mm; 	7.5 cm 
NR 25 30 10 4; 10 mm 3.14 3.0 mm; 8 cm 2; 12 mm 2.99 4.5 mm; 7.5 cm 
'NR 26 30 10  10 mm 3.14 - 	- 2; 12 mm I 	2.99 4.5mm.; 	7.5 cm 
NS 27 30 10  6mm 1.41. 4.5 mm; 6 	c 2; 8 	m 1.28. E 3mm; 	5 cm 
NS 28 	J 30 	. . 	10 5; 6mm I 1.41 4.5 - mm; 6 cm 2; 8 mm 1.28 3 mm; 2.5 cm 
N529 30 10 	. 5; 6 	rnni 1.41 4.5 mm; 6 cm 2; 8 mm 1.28 	i 4.5 mm; 5 cm 
NS 30 30 10 	. 5; 6 	m 1 1.41 	. 4.5 mm; 6 cm 2; 8 	m 1.28 4.5 mm; 2.5 cm 
NT 31 45 50 5; 6 mm 1.41 4.5 mm; 6 cm 2; 8 mm 1.28 3 mm; 	7.5 cm 
NT 32 35 50 5; 6 mm 1.41 4.5 mm; 6 cm 2; 8 mm 1.28 3 mm; 7.5 cm 
NT 33 25 50 5, 6 mm 1.41 4.5 mm, 6 cm 2, 8 mm 1.28 	i 3 mm 	75 cm 
NT 34 20 	. . 	50 5; 6 mm 1.41 4.5 mm; 6 cm 	. 2; 8 mm 1.28 3mm; 	7.5 - cm '  
S 
* 	EXPRESSED AS PERCENTAGE OF ULTIMATE STRENGTH CAPACITY 
S 
TABLE 2.2 	PROPERTIES OF CONCRETE 











MOD. OF ELAST. 
EN/mm2 
NN  1:2:3 0.625 23 30.4 
NN 2 23 31.4 
NN 3 23 31.0 
NN 4 23 320 
NN 5 23 304 
NN  U 23 300 
NM  U 21 296 
NM8 H 21 30.4 
NM 9 U 21 29.2 
NM10 'I 21 30.8. 
NO 11 'I 22 30.2 
NO 12 11 	- . 22 31.4 :. 
NO 13 'I 22 31.4 26.85 
NO 14 'I 22 32.0 
NP1 ,,II 22 . 	 30.4 
NP 16 'I 22 31.4 
NP 17 H 22 30;6 
NP 18 
H If 
. 	 22 29.8 
NQ 19 . 21 29.8 
NQ20 21 29.8 
NQ21 U 21 	. 30.8 
NQ22 H it 21 30.4 
Continued 
Table 2.2 (continued) 
W/C AGE AT MEAN AVERAGE* 
SPECIMEN CONC. MIX RATIO TESTING CYLINDER MOD. OF ELAST. 
(Days) STRENGTH E 	N/mm2 
N/mm2 
c 
NR23 - 1:2:3 0.625 22 31.8 
NR 24 'I 22 30.6 
NR25 U 22 29.8 
NR 26 H fl 22 30.0 26.85 
N5 27 'I H 22 29.5 
NS28 " 22 30.8 
NS 29 'I 22 31.0 
NS 30 
" 22 30.4 
NT 31 1:1.5:2.5 0.55 21 40.6 32.14 
NT 32 1:2.5:3.0 0.66 21 35.8 3O.0O 
• 	NT33 1:24 0.70 22 25.2 23.50 
NT 34 1:2.5:3.75 0.75 22 20.6 20.55 
* Measured at 0.0005 strain 
Ln 
cq 
FIGURE 2.1 	MODEL SPECIMEN  
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FIGURE 2.3 	PROPERTIES OF CONCRETE 
(VARIATION OF STRENGTH) 
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TABLE 2.3 	REINFORCEMENT PROPERTIES 
Diameter of Bars 
f, E 
N/mm2 kN/mm 2 mm/mm N/mm2 mm/mm 
>6 mm 
304 214 0.00142 4\4 0.124 
(Main Reinf.) 
4.5-mm 
(Lateral 	Reinf.) 272 201 0.00136 400 -- 
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STRESS-STRAIN CURVES FOR REINFORCEMENTS 
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of testing was computed, and was adopted as the basis of further 
analysis. 	The typical variation of its mean value and standard 
deviation are shown in Figure 2.3. 	Measured yield stresses 
andother properties of the reinforcements used in test members 
are given in Table 2.3. 	A typical stress-strain curve of the 
main reinforcement in the beam and column is shown in Figure 24 
using a regular line and the stress strain curve for the lateral 
reinforcement in themembers anddistribution reinforcement in 
the beams is shown by broken lines. 	The yield strain 
hardening and the ultimate stages on the curves-are denoted by 
letters Y, Sh and U respectively. 
An oil coating was applied to the plywood form and the 
.cage.of the model-specimen was placed into it. 	The entire 
specimen was cast in one continuous operation allowing only a 
short time interval between pouring the lower portion of the 
column, the joint andbeams and the upper part of the column. 
The concrete was consolidated at each stage with a spud 
vibrator. 	It was then placed under plastic sheeting for 
48 ,1 ho1wsfor moist cri:ng.. The specimen Was finally removed 	-• 
from the form and covered with a polythene sheet. 	It was 
then kept in the laboratory at constant temperature and 
- --' humidity until the day of'testing. 
2.3 	TEST SET UP AND INSTRUMENTATION 
The test set up included arrangements to record mainly 
measurements 'of the following : 
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applied loads 
beam and column deflections 
strains in reinforcing bars 
strains in the concrete. 
A representative test system, loading arrangement and 
relevant instrumentations are shown in Figures 2.4 and 2.5. 
2.3.1 Loading Arrangements 
The steel column shoe, with a groove in the centre to. 
hold a steel ball was fixed to each end of the column to provide 
a ball joint for simulating the condition that the ends are 
held in position, but not restrained in direction. 	The specimen 
was so placed in the test rig that the side of the beam on 
tension reinforcement remains onthe lower side. 	The situation 
which occurs in building frames has thus been reversed in the 
testing of the model specimens. 	The load on the beam is 
applied by a hydraulic jack plated on a 3-tonne load cell, on 
the lower side of the beam described on subsequent pages.. 
The arrangement does not affect the structural behaviour, 
strength or failure mechanism in any way, but the ends of the 
column, the photographs shown or any other discussion in this 
study will henceforth refer to this arrangement only. 
- 	The lower end of the column was placed through a ball 
joint on a 20-tonne load cell, which was fixed to a rigid steel 
1., 






(a). Strain Gauge Locations 
(Reinforcement) 	 FIGURE 2.5 
  
  




platform, the platform itself being anchored to the strong floor. 
The side restraints, free to rotate with the ends of the 
column, were supported against the 5-tonne load cells and 
fixed near the column sides. 	The end forces at each loading 
stage were thus recorded through the load cells. 	Taylor and 
Somerville ( ' )  have reported that the moments measured by column 
shears were much less accurate than those obtained from other 
test arrangements and equations of equilibrium. 	Thus, a record 
- .. 
	
	. .-of-the end forces should be considered as an approximate check 
on the other calculations. 
A hydrauljc,, jac,Lws.pl.aced on the upper end of the column 
through a similar bal.l joint and the 'upper. end of the jack was 
• 	supported against a 20-tonne load cell, fixed to a horizontal 
• 	member of the test frame.. The.side restraints at—the uer 
end were provided by hollow tubular supports, which restrained 
the end in position but not indirection. 	The load on the 
•--column was app1ie through the hydraulic jacks placed on the 
upper end and on beams through the hydraulic jacks placed 
beneath them, at specified distances from the, column faces. 
All -thelo.ad c.eliwere,:c.onnected.to adigital voltmeter and 	-... 
data logger. A record of. the loads at the top and bottom 
ends of the.columns, the lateral force's at the ends and the 
applied: load on the beams was made. at:.-each load 'stage.' • • 
2.3.2 Measurements of Deflections and Rotations 
A continuous redord of load versus end-deflection was 
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made by an X-Y plotter for the three specimens of the 'NN' 
series. 	In the other specimens dial gauges were placed on 
each beam at a distance of 5 cm, 15 cm and 30 cm from the 
column faces. 	This arrangement was found to be less 
complicated but equally efficient for measuring the deflections 
and rotations. 	In one specimen electro levels were also fixed 
to the beams and column to measure the rotations, but their 
range was too sensitive and small to provide accurate information 
until failure of the joint occurred. 	The column deflections 
were measured by putting dial gauges on the two outer column 
faces at the centre of the joint at the levels where the beams 
frame into the joint and at the middle points of the portions 
of the column above and below the joint. 	A record of deflections 
was made from observations of the dial guages and the related 
loads at each stage were recorded by the data-logger as 
described in the next part of this Chapter. 
2.3.3 Strains in Reinforcing Bars 
The strains in the tension zone of a flexural member are 
measured by the strains in the reinforcement. 	The portion of 
the beam near the joint is subjected to maximum moment and first 
yielding of the reinforcement is expected in this zone. 	Thus 
an electrical resistance strain gauge was fixed to the tension 
bars in the beams near the beam-column interface and at a 
distance of 10 cm and 20 cm from the face of column to obtain 
the direct measurement of strain in the steel. 	Water-proofing 
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of the gauges embedded in the concrete is necessary. 	Otherwise 
the strain readings in the data logger fluctuate over a wide 
range and it becomes impossible to assess the correct strain 
readings. 	On the other hand the bond between the concrete and 
the steel is destroyed by applying the water-proof coating 
and cracks may often by induced bj' the water-proofing. 	In 
fact, in some specimens where the strain gauges were fixed 
near to the interface, the bond slip was so significant that 
the beam simply failed in bond. 	Thus, the presence of a water- 
proofed gauge may in some cases affect the behaviour of the 
member significantly. 	It also is not quite certain whether 
the gauge has been fixed over the length of the bar where 
yield or critical strains actually occurs. 
On the tension reinforcing bars in the beam PL-5, 
electrical resistance gauges with 5 mm gauge length were 
mounted, 1 cm away from the beam-column interface as shown in 
Figure 2.5. 	The same type of gauges were also mounted on the 
vertical reinforcement bars in the joint region, but FLA-3 type 
electrical strain gauges with 3 mm gauge length were fixed to 
the transverse reinforcement in the joint. 	The gauge 
locations are shown in Figure 2.5(a). 
2.3.4 	Strains in Concrete 
The true strain in the concrete can be measured only 
over the regions of uniform strain. 	The behaviour of concrete 
33 
does not fully satisfy the concept of strain measurement which 
assumes that the material composition is homogeneous. 	Concrete 
being a multiphase material, particle size greatly influences 
the homogeneity of the material and therefore the strain 
measurements. 	The relationship between gauge length and 
maximum particle size ratio would thus affect the accuracy of 
the strain measurements. Hanson and Kurvits 48 recommended 
that the gauge length should not be less than 3 times the 
maximum particle size. 	Thus, for 10 mm maximum size 
aggregate, the minimum gauge length should be 30 mm. 
Another important factor which influences the strain 
measurement is the moisture content present in the concrete. 
To avoid the water-proofing problem it is better to measure 
surface strains. 	Though it can not be ensured that the 
surface strains are always the same as the internal strains, 
it would be reasonable, to consider that they are representative 
of the internal strains if they have been measured in the 
compression or uncracked tension zones. 
Demountable mechanical gauges were mainly used to measure 
the concrete strains in the column and beam regions. 	450 
strain rosettes PL-20 with 20 mm gauge length, were fixed on 
two outer sides of the joint regions. 	The gauge locations are 
shown in Figure 2.5(b). 
2.4 	PROCEDURE 
The specimen was placed in the test frame such that the 
tension side of the beam was on the lower side; The relevant 
instrumentation and strain-gauge connections were then made. 
The data-logger was calibrated for zero strain-gauge readings 
and the initial-readings of load-cell, strain-gauges, demec. 
gauges and dial gauges were recorded for the no load condition. 
The dead-load due to the specimen itself plus experimental 
equipment was used as pre-load criteria. 
The column load was then applied in stages of 	
u 
being the maximum axial load capacity, up to the specified 
limit and the usual measurements recorded at each stage. 	It 
was ensured that the column load is applied axially, so that 
no moments are imposed. 	The hydraulic jack applying the 
axial load was then locked, and the constant axial load was 
maintained throughout the test. 
The loads on both beams were then applied at a distance 
of 30 cm from the respective column faces, using hydraulic jacks 
placed beneath the beams and connected to the same pump. 	The 
loading was applied simultaneously on both beams in different 
stages. 	At initial stages, a loading stage was considered to 
be over when a specified moment on the beams was attained and 
thus the applied moment was constant at different stages. 	But 
after the commencement of yielding of the tensile reinforcement 
34 
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in the beams, a loading stage was considered to be over when 
the applied load produced a specified deflection, measured by 
the dial gauge placed on the upper side of the beam at a 
location 15 cm from the column face. 	Thus, it was not the 
applied moment which was constant at the later stages, but 
the mid-span deflection of the beam. . After one loading stage 
was completed the system was allowed to attain the stable 
loading condition for the specified deformation. 	When the. 
applied load attained a constant value in the digital voltmeter, 
measurements of applied loads and end forces, reinforcement and 
concrete strains and dial gauges were recorded. 
The specimen was assumed to have failed when the load 
was observed to have decreased considerably for some constant 
deformation. 	Important notes regarding the behaviour of the 
specimens such as the stage and location of the appearance and 
extension of cracks and. the mechanism of joint failure were 
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CHAPTER 3 : GENERAL BEHAVIOUR AND MODES OF FAILURE 
3.1 	INTRODUCTION 
The performance of a beam-column joint is intimately 
associated with the relative strength and design parameters of 
the members framing into it. 	The stress distribution in the 
joint region at different stages is governed by the forces 
carried by the members framing into it. 	The critical condition 
of ultimate failure at the joint region may occur due to 
various combinations of the stresses produced by the inter-
action of the forces. 	The state of stresses in the joint 
region may thus be quite different from that occurring at the 
critical sections of the individual members. 	It is also 
possible that the influence of a parameter may be significantly 
different under a different condition of stresses. 	As an 
example it is well known that the strength and behaviour of a 
concrete section is significantly affected by the magnitude 
and nature of a uni-axial, bi-axial or tn-axial stress 
condition. 	The mechanism of joint failure under bi-axial 
bending is thus a complicated phenomenon to analyse. 
The approach adopted in the present study was mainly 
experimental guided by theoretical considerations and it is 
therefore necessary to have a sufficient understanding of the 
general behaviour and mechanism of failure of such joints before 
developing any analytical procedure for estimating the joint 
performance. 	This Chapter provides adescription of the 
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general behaviour and modes of failure of the test specimens. 
The patterns of stress-distribution which may theoretically 
occur in the joint core under the influence of multi-
directional forces and which determine the crack propagation 
and criteria of failure are also discussed in this Chapter. 
3.2 	GENERAL BEHAVIOUR OF SPECIMENS 
The strength and deformation of the test-specimens were 
greatly influenced by the test parameters. 	The internal. 
forces in the joint region as computed from the strains 
measured experimentally were also affected by the variables and 
their influence on the specific aspects of the behaviour of the 
specimens will be discussed in the subsequent chapters. 
However, the general behaviour of the specimens which was 
observed to follow a typical sequence in the sense that the 
occurrence of various stages in their load deformation response 
was quite similar, will be described here. 	Figure 3.1 
illustrates a typical generalized moment deformation curve of 
a flexural section, which represents the three distinct stages 
marked by points A, B and C. 
The sequence of load application was described in the 
previous Chapter. 	Once the specified level of axial load, was 
reached in the column, the displacement of the free ends of'the 
cantilever beams was measured with reference to this instance. 
The loads were applied on the beams simultaneously and equally. 
The first crack was always observed to occur on the beam-
column interface near the tension side of the beam. 	The break 
in the generalized load deflection diagram marked by point A 
represents this situation. 	The break occurred between 10% and 
30% of ultimate load. 
0 
deformation 
FIGURE 3.1 	TYPICAL LOAD DEFORMATION CURVE 
The cracks extended into the beam section with subsequent 
increase in the loads on the beams. 	Some new cracks also 
developed on the tension side of the beams near the beam- 
column interface. 	The second significant change in the load- 
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deflection diagram marked by point B, corresponds to the 
commencement of yielding of the tensile reinforcement. 	During 
the few loading stages preceding this situation the magnitude 
and distribution of principal strains as estimated from demec 
and electrical strain gauge readings mounted on the two outer 
faces of the joint core indicated significant changes and a 
diagonal cracking was also observed to occur in the joint core 
originating from the junction of the column and tension side of 	- 
the beam in the subsequent loading stage. 	The diagonal cracking 
usually occurred in most of the specimens tested at low column 
loads either in the same or next to the yielding stage marked 
by point B, but in the specimens NP 
17'  NP  182  NQ21 and NQ221 the 
diagonal cracking in the joint core appeared much earlier and 
-- 	
their specific significance will be discussed in later Chapters. 
When the loads on the beam were increased still further, 
the readings of the demec gauges mounted on the compressive side 
of the beam sections near the beam column interface indicated 
the increasing changes in the compressive strains. 	The 
inclination number and spread of cracks in the joint region 
differed foreach specimen but the cracking in the joint 
region did not cause any significant difference in the load 
deformation response of various members in the sense that 
excessive displacement was observed during these loading stages 
in all specimens, though in the specimens of the 'NS' series 
it was comparatively higher. 
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Point C on the generalized load deflection diagram 
represents the stage of ultimate failure. 	The failure 
occurred gradually in the specimens tested at low column loads 
and the hirnge formation usually occurred in the beam sections 
except specifically in the specimens NP 181 NQ221 NR25 and NR 26in 
which it shifted well into the joint region. 	Plate 3,1 
illustrates the occurrence of hinging in the beam and the joint 
regions.- A-sudden failure occurred in the - specimens - tested at 
high column loads. 	The effect of variables on the modes of 
failure is discussed in the last sections of this Chapter. 
3.3 	MODES OF FAILURE 
The failure in a beam column joint may occur in one of the 
three following ways 	(a) the hinge forms in the beam near the 
beam-column interface at theoretical flexural ultimate load in 
the beam; (b) failure occurs in the joint region before the 
beams are loaded to their ultimate capacity; and (c) the 
hinge forms in the-column below or above the joint. 	The 	- - 
occurrence of failure in the beam or joint region depends upon 
the relative strength of the beam or column sections under 
applied loadings. 	The resistance of the joint depends upon 
the capacity of the concrete to take compression and shear forces 
and on the strength of the tension, compression and web reinforce-
ment in the section. 	If any of these elements fail to carry - 
its share of internal forces, it results in failure of the test 
specimens. 	Thus, the main causes of failure of a beam-column 
Hinge formation in a beam section 
PLATE 3.1 
inge formation in the column section 
joint can be enumerated as 
anchorage failure ; 
failure caused mainly due to yielding of the reinforcement; 
(iii)failure mainly due to crushing of the concrete; and 
(iv) diagonal tension cracking failure. 
The various causes mentioned above contribute to the final 
mode of failure of the joint. 	The anchorage failure is 
normally prevented by providing suitable detailing and a 
sufficient bond length. 	The occurrence of diagonal cracking 
in the joint core usually initiates the mechanism of failure 
and can be adopted as a serviceability criterion as suggested 
by certain investigators 5 ' 6 . 	Its implications on the joint 
response are discussed in the later part of this Chapter. 
However, the effective modes of failure of a beam-column joint 
can be classified as follows 
tension failure; 
'compression failure; 
shear failure; and 
anchorage bond failure. 
3.3.1 Tension Failure 
The tension failure can be considered a rare possibility 
and occurs only when the rupture strain of the reinforcement steel 
is too low. 	However', it may also occur if the high tensile 
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strains are caused due to interaction of various forces. 
Large tensile strains may be attained in the reinforcement if 
the reinforcement provided and as such the ratio 	
At 
b(d - xd) 
is small. 	In such a situation the number of cracks will 
also be small which will cause large stress concentrations at 
the cracks. 	The other condition where the ratio of tension to 
compressive strain becomes quite large occurs when the ratio of 
neutral axis depth,xd,to the effective depth,d,is'small. 	In 
this situation, the rupture strain of the tensile ste. may 
be reached before a failure in compression is caused. 	This 
situation may have occurred in specimens NP 15 and NQ 19 as 
excessively high tensile strains were recordedby the 
electrical strain gauges mounted on the reinforcement. 	The 
destruction of bond at the critical region results in 
concentrated rotations, which is also resulted in high tensile 
strains. 
3.3.2 Compression Failure 
The compressive force in a column is jointly resisted by 
the concrete and the compressive reinforcement. 	However, if 
under the applied loading buckling of the compressive bar occurs 
in the joint region, the resistance of the section is decreased 
and the resultant failure is termed as a compressive failure. 
This situation often occurs if the concrete cover is damaged to 
provide any lateral restraint on the reinforcement under high 
axial stresses. 	The transverse reinforcement and its spacing 
'hi 
in sections subjected to axial compressive loads is governed by 
two considerations : (a) it should be able to resist any shear 
stresses excessive to that resisted by the concrete section, and 
(ii) 'the unsupported length of the compressive reinforcement 
between the. stirrups should be small enough to prevent any 
buckling of the bar. '. In a joint subjected to bi-axial bending 
the beams framing into the joint provide some, confinement effect, 
which is beneficial in resisting the possibility of a steel 
compressive failure in the joint region. 
The mode of failure due to a decrease in the compressive 
force in the concrete and k 	lever arm may be called a 
concrete compressive failure. 	It was observed that in the 
specimens of the "NM' and 'NO' series, the electric strain 
gauges mounted on the longitudinal reinforcement bars in the 
joint region recorded higher strains for the specimens with 
higher reinforcement ratios. 	This indicates that if the 
reinforcement ratio in a section subjected to axial compressive 
forces is high the share of internal forces resisted by 
lingitudinal reinforcement is also higher. 	It can thus be 
said that for small value of compressive force and reinforcement, 
the mode of failure will be governed by the'strength of the 
concrete section and for larger compressive forces and 
reinforcement, the mode of failure will depend upon the 
ability of the compressive reinforcement to resist its share 
of internal forces without buckling. 
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In the specimens tested at high column loads, failure 
was sudden and the compressive bars were observed to have 
buckled in certain cases. 	But it could not be ascertained 
whether the failure was caused by buckling of the compression 
bars or whether buckling occurred after the specimens lost 
strength due to compressive failure of the concrete. 
However, in specimens NO 11 and NO12 the compression 
.reinforcement yleldedat comparatively earlier loading 
stages and the spalling of concrete cover was resulted in 
buckling of the 18ngitudinal bars causing the ultimate 
failure. 
The specimens of 'NO', 'NQ' and 'NT' series as well as 
the last two specimens of the'NN' series were tested at high 
column loads (>50% of ultimate compressive strength). 	In 
a section subjected to uni-axial compressive force, the 
development of cracking in - the bond between the aggregate and 
cement paste usually takesplace at about 45% of ultimate load. 
The crack propagates with additional axial loading until the 
section internally splits into several parts causing an increase 
in the volumetric strain and then it fails either by buckling of 
the compression bars or by shear compression. 	Although the 
internal crack structure remains stable up to about O% of 
ultimate axial load, the ultimate state of stresses in the 
joint region of the specimens tested at high column loads will 
be different from those tested at low column loads, which affects 
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the criteria and modes of'failure. 
3.3.3 ShearFail'ure 
The shear force in the joint region-is resisted by the 
concrete section and the transverse reinforcement. 	If the 
concrete in the section is unable to resist its share of the 
total shear force necessary to develop the moment capacity 
at the critical section a shear failure results. 	With bi- 
axial loading of shear plus •high compression, the joint 
region' is subjected to a complex state of stress and the 
failure mode of concrete under such a condition is an involved 
topic, affected by numerous factors. 	The mechanism of shear 
transfer in concrete and the related criteria of failure, 
together with' certain other considerations associated with 
the anchorage requirements - are dealt with in'Chapter 7. 
3.3.4 	Anchorage Failure 
The structural separation of steel reinforcement and 
the.jo:intregion causes anchorage bond failure.- .-
In a beam-column joint the crack formation first occurs at the 
beam-column interface which forms the free concrete surface 
- 	-with the steelbars'anchord in the- column. 	When the strain ' 
level in the concrete exceeds the bond failure strain, the 
longitudinal cracks form around the steel bars. 	The subsequent 
- - 
	
	'loading causes ytel'd-i-n-g of the-reinforcement and a marked  
reduction in the stiffness of beam-column joint, which results 
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in further crumbling of the concrete adjacent to the 
reinforcement. 	Since the shear transfer near the yielded beam 
reinforcement is reduced the stresses increase towards the inside 
of the column until failure occurs in bond around all the 
horizontal beam steel in the column. 
If the bond failure around the beam steel under the applied 
loading conditions increased the tensile stresses in the curved 
portion of the bar, the mode of inelastic behaviour of the joint 
would be different. 	The increased tensile stresses in the 
curved portion of the anchorage reinforcement are. resisted by 
the concrete bearing inside the bar, which is crushed at high 
bar loads causing further pulverising of the concrete adjacent 
--to the extended portion of the - anchorage reinforcement. 	The 
main parameters which affect the failure load are the strength 
of the concrete, the radius of the bend, diameter of the bars 
and the magnitude of the force. 	It is possible that failure 
may occur at elastic stresses under certain combinations of 
applied loading and associated parameters. 	Chapter 7 provides 
a discussion on bond consideration associated with the 
performance of a joint. 
3.4 	STRESS DISTRIBUTION IN THE JOINT REGION 
The forces in the members of a beam-column joint subjected 
to bi-axial bending are illustrated in Figure 32, the moment 
being represented by double headed arrows as per right hand 









(a) Stress Along Diagonal 	 (b) Truss Analogy 
FIGURE 3.3 	STRESS DISTRIBUTION IN A CORNER 
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vector notations. 	It is evident that the joint region will be 
subjected to a multi-axial state of stress. 	In a section 
subjected to combined stresses it is possible to describe the 
state of stress which is just sufficient to produce a failure 
in terms of principal stresses. 	The principal stresses at 
the outer faces of the joint region were estimated for the 
test specimens at various loading stages from the strain- 
.-readings recorded by.the electrical strain rosettes mounted on 
these faces. 	However, it is also appropriate to discuss the 
analytical approaches adopted by certain other investigators 
-in order to predict the formation of diagonal cracking in the 
joint region. 	- 
• 	• 	The state of stress at.the corners and joints were evaluated 
by. Nilsson 5 and the results of his analysis are shown in 
Figure 3.3. 	His analysis was based on elastic theory and the 
resul-tsobtained froim such a analysis are not valid beyond the 
stage of cracking. 	However, they are definitely useful for 
indicating the occurrence of tensile stresses near an opening 
corner. 	Nilsson:adopted the truss analogy to predict the 
diagonal cracking moment and accordingly, the tensile reinforce-
ment in the beams can be regarded as a tension bar of the truss 
• 	• and the zones ofcompression in the concrete as a concrete 
strut. 	Satisfying the condition of equilibrium and comparing 
the resultant force with the internal force in the tensile 
reinforcement-a -relationship was established between the 
reinforcement ratio Pband the occurrence of diagonal cracking. 
M. 
The tensile stresses across the joint section were considered 
to be parabolically distributed. 	The following expressions 
were suggested for the diagonal cracking moment and for the 
tensile reinforcement ratio Pb" for which yielding of the 
tensile reinforcement- will occur before diagonal cracking in 
the joint 
Mdc =• k1 	Pdc 
 bd 	 ... (3.1) 







diagonal cracking moment 
length of the diagonal crack 
effective depth of the member framing into 
the joint 
width of joint region 
tensile strength of the concrete 
All other notations are described earlier. 	The constants 
k 1 and-k 2  in the above expressions will depend upon the type 
of joint and the.loading conditions. 
The general strain distribution in the joint region of an 
external beam-column joint as obtained by Taylor and Somerville (6)  
from a simple test conducted on a deformable rubber model of 
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the joint is demonstrated in Figure 3.4(a). 	The strain 
distribution under the bi-axial bending will be affected by the 
magnitudes of the loads acting on the column and beams, but this 
illustration well represents the existence of high tensile 
strains. 	The forces= involved to determine the ultimate failure 
and the occurrence of diagonal cracking are shown in Figures 
3.4(b) and (c). 	They suggested the following relationship, 
obtained on the bas1sof a principa4 tensile stress theory of 
failure as a lower bound on their test results, to predict the 
diagonal cracking shear stress 
Vdc = 0.67/ 2 + 
	 ... (3.3) 
where 	Vdc = diagonal cracking shear stress 
= tensile concrete strength, to be adopted 
as 1/10 of the characteristic cube strength 
Pa 	= applied axial load 
Ag 	= gross area of the joint section 
Any of these twO approaches can be adopted to predict the 
diagonal cracking moment in a beam-column joint subjected to bi-
axial bending, but the analysis based on the theory of elasticity 
is complicated and of doubtful relevance in view of the partial 
plasticity of concrete in tension. 	Thus, an empirical criteria 
based on experimental results, has been considered to be 
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Any relationship which may be proposed to express such a 
relationship will involve the parameter 	the tensile 
strength of the concrete. 	Tensile strengths are determined by 
special control tests, the most common of which are flexural 
tests and splitting tests. 	The experimental results obtained 
by various investigators indicate well scattered values for the 
relationship between the tensile strength of the concrete 
(or modulus of rupture:)-- -and the -compressive strength of the  
concrete. 	If the tensile strength of concrete f
t and the 
cylinder strength fc ' are expressed in N/mm 2 , the relationship 
suggestedby Klarwaruk 49 , ACI 50 and CEB 51 can approxi-




3 + 84/f 
= 0.62J/1T 	 . -. 




The test results obtained from Burns 13 , Warwaruk 49 and 
some other investigators reported by Beeby 52) are shown in 
Figure 3.5. 
However, it is proposed that the following relationship 
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FIGURE 3.5 MODULUS. OF RUPTURE OF CONCRETE AGAINST CYLINDER STRENGTH 
TABLE 3.1 	TENSILE STRENGTH OF CONCRETE* 
TENSILE STRENGTH 	f 	N/mm2 
Warawaruk's ACI Formula CEB Formula Proposed 
N/mm2 Formula (Equation 3.5) (Equation 3.6) Formula 
(Equation 3.4) (Equation 3.7) 
45 4.32 4.20 3.43 4.36 
40 3.92 3.95 3.17 4.11 
35 3.89 3.71: 2.90 3.85 
30 3.62 3.43 2.62 3.56 
25 3.30 3.13 : 2.32 3.25 
20 2.92 2.79 2.00 2.90 
* Expressed as modulus of rupture 
TABLE 3.2 	DIAGONAL CRACKING MOMENT IN SPECIMENS TESTED AT LOW 
COLUMN LOADS 	a'U 	0.30) 
a 
Measured Values of 
Mdc MY MM 
 
SPECIMEN (%) 
U kNm kNmm kNrurn 
NN 1 1.41 1.28 10 2790 2910 3180 
NN2 U 20 2910 2880 3240 
NN 3 30 3000 2850 3300 
NM 
10 2.00 
It 10 2820 2820 3270 
NM9 
 
3.14 It 2850 2820 3160 
NM S 3.92 
U 2940 2850 3090 
NM 7 4.53 2910 2880 3060 
NP 
16 1.14 2.00 2970 4200 4500 
NP 17 .2 .55 2910 5260 5275 
NP 18 U 2.99 I' 2940 5760 5775 
NR23 3.14 2.99 I' . 3030. 5880 6300 
NR24 - 'I 2970 5880 6210 




NR 26 It  3090 5760 5775 
NS 27 1.41 1.28 • 	 • 	 I' 2820 2700 3060 
NS 28• 1 2760 2730 	• • 3090 
NS 29 I' U 2760 2700 3120 
NS30. II II: • 2790 • 	 2760 	• 3300 
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and fc 1  being expressed in N/mm 2 . 	 - 
It may be mentioned here that the above relationship has 
been proposed on the basis of flexural tests and as such 
represents the modulus of rupture of concrete. 	The modulus 
of rupture of concrete computed from different formulae is 
shown in Table 3.1. 
• 	 After studying the test data it was found that the relation 
represented by equation-'(3.3) may be adopted to predict the 
diagonal cracking stress of a joint subjected to bi-axial bending 
also. Table 3.2 shows the diagonal cracking moment of some 
specimens -tested atlowcohimn loads. 	In the specimens tested 
at high column loads, theappearance of a distinct cracking 
pattern in the joint region and the ultimate fajiure are so 
of performance associated with 
diagonal cracking carries no relevance. 
3.5 	EFFECT OF VARIABL€SONFAILURE MECHANISM OF TEST - SPECIMENS 
The implications and specific aspects of various modes of 
failure of a beam-column joint involve a detailed analysis of 
strength and behaviour and this section provides a general 
description of the effect of variables on the mechanisms of 
co, )i~ 
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failure. 	The design variables affect the distribution'of 
internal forces in the joint region which determines the failure 
mechanism of a specimen. 	The variables adopted in this study 
are 
3.5.1 Axial Load in the Column 
Plate 3.2 illustrates the effect of the axial load level 
in the column on the failure mechanism of a test specimen. 
Specimen NN 1 was tested at 10% column load level and the spread 
of cracking at the joint region was gradual. 	The cracking was 
mostly confined to the region near the beam-column interface and 
extended much above the joint region along the innermost 
reinforcement bar in the column. 	The spread of cracking in 
the joint :region extended with the column load level, in the 
sense that it covered a larger portion of the joint region 
in the specimens tested at higher column load levels. 
The elctrical strain gauges mounted on the longitudinal 
reinforcement bars above and below the middle section in the 
joint region indicated an abrupt change in the nature of the 
strains and large differences in their magnitudes near the 
failure stage. 	The difference gradually diminished with 
increase in the column load level of the specimens. 	In the 
specimens NN 5 and NN 6 tested at 50% and 60% column load level 
respectively the nature of the strains in the longitudinal 








(a) At 10% column load 
I 
PLATE 3.2 
(b) At 60% column load 
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middle section was the same (compressive). 	This 
indicates the occurrence of high bond stresses along the 
longitudinal column reinforcement in the specimens tested at low 
column loads. 	A sudden failure occurred in the specimens NN 5 
and NN  and the longitudinal reinforcement bars were also 
observed to have buckled in the lower portion of the joint 
region. 
3.5.2 Longitudinal Reinforcement in the .Column 
The failure mechanism of the test specimens was also 
affected by the change in the longitudinal reinforcement in the 
column. 	It was found that the strains in the longitudinal 
reinforcement bars in the joint region at ultimate decrease 
with increase in the column reinforcement in the specimens 
tested at low column loads.. 	However, this tendency is reversed 
for specimens subjected to high axial loads. 	In the first two 
specimens of the 'NO' series (with column reinforcement 4.53% 
and 3.92% respectively, and tested at 50% column load) the 
concrete in the joint region exhibited a tendency towards the 
spalling away of the concrete cover followed bybuckling of the 
bars and an abrupt failure. 	 . 
Plate 3.3 illustrates the failure mechanism of two 
specimens with higher column reinforcement ratios. 	Specimen 
NM9  was provided with 3.14% reinforcement in the column and 
subjected to 10% axial load while specimen NO 11 had 4.53% 
(a) At 10% column load 
PLATE 3.3 




reinforcement in the column and was tested at 50% column load. 
3.5.3 Tensile Reinforcementjn'Beams 
The main effect of a change in the tensile reinforcement 
in the beams is to shift the hinge formation from the beam to the 
column section. 	This is demonstrated by Plate 3.4. 	The hinging 
occurred at the beam column in specimen NP 
15 which had only 0.72% 
tensile reinforcement. 	As the tensile reinforcement in this 
specimen was very small, this was a typical case of tension 
failure also, as discussed earlier. 	As the main reinforcement 
is increased in the beam section, the hinging shifts to the 
column region. 	The specimen NPP 18 had 2.99% reinforcement 
and the specimen failed with a hinge forming in the joint region. 
The corresponding specimens of the 'NQ' series with similar 
reinforcement ratios and tested at 60% column load indicated 
the same failure pattern, in the sense that the hinging 
gradually shifted from the beam to the column sections in the 
specimens with higher reinforcement in the beams. 	But they 
also exhibited the abrupt failure pattern and excessive cracking 
in the joint: region as observed for other specimens tested at 
high column loads. 	Specimens NQ21 and NQ22 specifically 
demonstrated the spalling effect and gradual pulverizing of the 
concrete in the joint region indicating the possibility of 
bearing failure as shown in Figure 3.5. 
Tensile beam reinforcement Pb = 0.72% 
PLATE 3.4 
Tensile beam reinforcerieit n = 299% 
1± rI!! I 
- 
1 
(a) Side view 
PLATE 3.5 
(b) Back view 
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3.5.4 Transverse Reinforcement in the:Join't Region 
The transverse reinforcement in the joint region of the 
specimens of the 'NR' series was gradually reduced. 	Specific 
aspects of reducing the transverse reinforcement is discussed 
in Chapters 7 and 8. 	However, if the transverse reinforcement 
is reduced below a particular limit (depending upon a number of 
parameters such as the axial load level, concrete strength and 
the forces carried by the members framing into the joint) the 
joint fails in shear and the hinging occurs in the joint region. 
Plate 3.6 illustrates the failure mechanism of two such 
specimens. 	No transverse reinforement was provided in the 
joint region of specimen NR 26 ., 
3.5.5 Transverse Reinforcement in Beams 
The specimens of'the 'NS' series indicated the pronounced 
behaviour of confinement provided by the transverse reinforcement 
in the beams. 	After yielding of the main reinforcement in the 
beams the post-yield displacements recorded at the free ends' 
of the cantilever beams were comparatively high and in the' 
specimens NSS 28 and NS 30in which the spacing between stirrups 
was reduced to d/4-the displacements were excessively high. 
The concrete cover on the tensile reinforcement in the beams 
was spalled away prior to failure in all the specimens. 
Another significant effect of the confinement of beam 
sections on the failure mechanism of the test specimens was 
p Ivkr 
Joint transverse reinforcement ratio ry =.40% 
PLATE 3.6 
No transverse reinforcement in the joint 
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observed in the occurrence of cracking in the column region .just 
below the joint core. 	Cracking below the joint core started 
at the innermost corner as an extension of the cracking at 
the junction of the tension side of the beam and column and 
became prominent in successive loading stages. 	In all the 
specimens of this series the core separation at the innermost 
corner below the joint core took place prior to failure, 
together with the appearance of a number of cracks in the column 
region below the joint core. 	However, in specimen NS 271 
this cracking was excessively high, and failure occurred due to' 
buckling of the longitudinal bars in the column below the joint 
core, as shown in Plate 3.7, though this phenomenon was not so 
pronounced in any other specimen of this series. 
3.5.6 Concrete Strength 
The concrete. stremgth varied from 40 N/mm 2 to 20 N/mm2 
in the specimens of the 'NV series. 	The strain gauges mounted 
on the longitudinal column bars indicated lower strains in the 
rinforcement than corrrespondingvstains at the same load in 
the reinforcement of the specimens with lower concrete 
strengths. 	This indicates that at the same axial load 
- -. 	a-section with higher concrete -strength shares:-more i-nternal -- 	.- .--. 
force than a similar section with lower concrete strength. 
crckin 9 in,r:the specimens 	v 
with lOwer strength was more pronounced and the ultimate failure 
(a) Back view 
PLATE 3.7 
Front Vi PJ 
q7p -4 
NS l)-7  I , 
rw 
I 	 - .- 
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indicated the tendency of more spalling of the concrete in the 
joint region, otherwise the failure mechanism is not 
significantly altered. 
Plate 3.8 illustrates the failure pattern of two 
specimens designed for 40 N/mm 2 (NT 31 ) and 20 N/mm2 (NT 34)
concrete strengths respectively. 
At concrete strength f 	= 40 N/mm2 
PLATE 3.8 
2 At concrete trnnth f ' = 20 Nmrn 
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CHAPTER LI : ANALYTICAL FORMULATIONS FOR ULTIMATE 
STRENGTH 
4.1 	INTRODUCTION 
The study of the various aspects of the behaviour of 
structural members of concrete and the analytical evaluation of 
the ultimate strength is associated with an understanding of the 
stress distribution at critical regions. 	From a knowledge of 
the inelastic stress distribution and the section geometry, 
expressions are derived by satisfying the equilibrium and 
deformation condition for computing the strength of structural 
members. 
This Chapter specifically deals with the flexural strength 
of the structural members in a beam-column joint analysed on 
the basis of semi-empirical formulae related to the stress-
strain relationship of concrete. 	The usual assumptions, viz 
that the concrete in the tension zone contributes no significant 
flexural strength-and theBernoulli Naer's hypothesis that a 
plane section remains plane after bending and thus strain is 
linearly proportional to its distance from the neutral axis, 
are adopted as a basis for the analysis. 	Thus for the tension 
zone-section a knowledge of the stress strain curve for the 
tensile reinforcement is sufficient for analysis. 	This was 
experimentally obtained as shown in Figure 2.4. The stress 
block parameters for the compression zone will be evaluated in 
subsequent sections. 
4.2 	SECTION UNDER FLEXURAL COMPRESSION 
The evaluation of various stress block parameters and 
the ultimate strength of a reinforced concrete section under 
flexural compression requires a knowledge of the following 
factors 
Stress-strain relationship of concrete; 
Modulus of elasticity of concrete; 
Strain at maximum stress; and 
Strain at ultimate failure. 
Tests were conducted under this programme on 10 x 10 x 50 cm 
prisms to obtain the stress-strain relationship for concrete of 
different strengths. -• The samples were taken from a batch of 
concrete already prepared for casting a beam column joint 
specimen. 	The prism specimens were also tested at the age of 
testing the beam-column joint+i day and were loaded in the 
test-frame under a constant rate of straining. 	Electrical 
strain gauges, PL-20 with 20 mm gauge lengths, were mounted on 
the two opposite faces of the section and the strains on the 
two other faces were also measured by 2" demec gauges.. The 
loads and strains from the electrical strain gauges were 
continuously recorded by a data-logger until ultimate failure. 
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It was also found that the maximum compressive strength of a' 
prism section represents the cylinder strength. 
4.2.1 Stress-Strain Relationship for Concrete 
Ruh 53 has proposed that the stress distribution in 
the compressive zone in flexure can be derived from the stress-
strain curves obtained from concentrically loaded prisms. 
The stress-strain curve for concrete is so much influenced by 
the rate of straining and duration of load that the expression 
and curve obtained by one investigator often differs 
significantly from the curve obtained by another investigator. 
It is thus necessary to establish a theoretical basis for 
inelastic stress distribution in concrete under flexural 
compression and then modify the expression thus, obtained to 
satisfy the experimental results. 
A number of investigators have presented expressions and 
curves to define the non-linear stress-strain relationship of 
concrete. 	The relationship expressed by standard curves 
being symmetrical' about an axis is often unsuitable for 
representing the relationship beyond the point 'of maximum 
stress (54) Attempts were also made to approximate these 
curves by using triangular, rectangular or trapezoidal shapes 
which makes any analysis based on these shapes further 
alienated from the experimental basis 55 ), 	'The exact shape of 
the stress-strain curve does not significantly affect the 
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Ultimate moment capacity, but the compat.bi1ity criteria 
associated with the design procedure requires a more accurate 
knowledge of the stress-strain behaviour. 
A generalized expression usually adopted to represent 
the stress-strain relationship is one in the form of a 
polynomial equation, ie, 
= A 	o + B(c/c) 2 + 	+ P(cIc0 ) 4 	... (4.1) 
where 	f = compressive stress (referred to cylinder 
strength) in the concrete at any strain 
f0 = maximum stress in concrete 
c. = strain in concrete 
c0 =-strainat maximum stress f 0 in the concrete 
This type of relationship adopted by Medland and Taylor (24) 
and Kabaiia (6. ) :were found to represent quite adequately the 
ascending and descending portions of the curve. 	But in 
these polynomial equations the maximum point on the curve 
usually occurs- at about. s/c 0 = 1 .1. 	But since the parameters 	........ 
of the stress block are obtained by integration, this does not 
affect the accuracy of result. 	 . 	. 
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Various types of generalized mathematical expressions can 
be adopted to represent the stress-strain curves of concrete. 
Tulin and Grestle 57 ,while discussing the applicability of the 
relationship suggested by Desayi and Krishnan (58) to their 
experimental results ,have suggested that the following form 
of equation could be used to describe the stress-strain 
relationship of concrete. 
= 	E E 	
b 	 ... (4.2) 
a + (c/c0) : 
- 
in which E' = (a + 1) f _2. 
The coefficients 'a' and 'b' are to be selected for the best 
fit of experimental results. Thus we adopt the following form of 
equation to represent this relationship : 
k 1 + k 2 c 
	 ... (4.3) 
k 1 , k2 and n are parameters which can be obtained by 
satisfying the following conditions : 
For c = 0, f = 0 (point of origin) 	 • 
df • 	 = Ec  (initialmodulus of elasticity) 	 : 
• 	dc 	• 	 • 
For c= c, f = f0 (point of maximum stress) 
df = 0 (maximum of the curve) 
dc 	 • 
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Applying these conditions to the above equations, the values 







and 	•n  
R  
where 	R = -s. andE (secant modulus) 
E0 
Thus the relationship can be represented as 
= 	Re/s0 
1 + (R - 1)c/c0 
This equation does notcontaina coefficient to define the 
point of failure on the descending portion of the curve. 	The 
inclusion of one more parameter in the general equation makes it 
extremely complicated and unsuitable for any practical use. 
It is thus desirable that the strain at failure, c u , and other 
parameters such as initial modulus of elasticity, E c and the strain 
at maximum stress, cc are defined by some empirical relationships 
based on experimental evidence. 
o.t 
4.2.2 	Initial Modulus of Elasticity, E 
A number of relationships have been proposed by various 
investigators to represent the modulus of elasticity of the 
concrete. 	The following relationship was proposed by ACI 50 
Ec = 33/W e 
 
f i 
where E c and f 	are expressed in lb/in 2 and W, the density of 
concrete, in lb/ft 3 . 	For a normal weight concrete, this 
relationship can be expressed as 
If EC  is to be expressed in kN/mm 2 and .f 	in N/mm 2 , the 
expression can approximately be represented as : 
E =  
proposed thefol:lowi ngrelati onshi p for representi ng 
the modulus of elasticity of concrete 
EC = 70 000vif cu 
where f cu = characteristic cube strength of concrete expressed 
in lb/in2. 
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However, if E c is expressed in kN/mm2 and 	in N/mm2 and 
= 0.78 f, the, above relationship can approximately be 
represented as 
E. = 6°58'C 	 ... (4.6) 
Saenj 59 , while discussing the effect of concrete 
.strength o.nthe shapeofthe stress strain curve, adopted an 
expression for E, which can approximately be.represented by 
the following equation for E
c  and 	expressed respectively 




1 + .07 Vf 
(4.7) 
The test results of various investigators were produced by 
Beeby 52 as shown in Figure 4.1 and the three relationships 
represented by equations (4.5), (4.6) and (4.7) are plotted 
over them. 	It is evident that the values represented by 
Saenj's equation gives higher values for concretes with lower 
strengths and thus the value of R = 	will also be higher. 
However, the relationship represented by the following 
equation is 	better approximation of the test results and as 
such will be adopted for further analysis 
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Cylinder Strength f ' N/mm2  
FIGURE 4.1 	MODULUS OF ELASTICITY OF CONCRETE AGAINST CYLINDER STRENGTH 
TABLE 4.1 	MODULUS OF ELASTICITY OF CONCRETE 
if c 
EkN/mm2 
ACI CEB Saenj 59 Proposed 
N/mm2 (Equation 4.5) (Equation 4.6) (Equation 4.7) (Equation 4.8) 
45 32.07 44.14 37.88 34.88 
40 30.23 41.61 36.38 32.89 
35 28.28 38.93 34.73 30.76 
30 26.18 . 36.04 32.87 28.48 
25 23.90 32.90 30.74 26.00 
20 21.38 29.43 28.27 23.26 
15 18.51 25.48 26.57 . 20.17 
0 
M. 
The values obtained from the various relations are shown 
in Table 4.1. 
4.2.3 	Strain at Maximum Stress 
A large number of relationships have been 'suggested by 
various investigators to represent the strain c
o at maximum 
stress f0 . 	These were summarized by Popovics 60 in his paper 
on a review of the stress strain relationship of concrete as 
illustrated in Figure 3.2. 	It was found from an analysis of 
the test results that by keeping the rate and duration of 
straining constant, the value of cc, varies with the strength 
and can be expressed by the following empirical expression 
9 x lO 	(fc,) 	 ... (4.9) 
f0 being expressed in N/mm2 .' 
	
• 	The values of c computed from this relationship, assuming 
• 	o = c'' are compared with the values obtained experimentally 
in Table 4.2. 	The relationship. expressed by equation (4.) 
is compared with the relationship proposed by other 
investigators in Figure 4.2. 
4.2.4 	Strain at Ultimate Failure 
• 	 That portion of the curve beyond the maximum stress is 
quite difficult to obtain in a testing machine. 	Attempts have 
o 	o From ROS 
, 	•x 	From Emperger (low sand concrete) 
o 	0 From Saenj 
From Brandtzaeg 
o 	o From Jaeger and EnIperger (high sand concrete) 
From Hognestad 
Proposed relationship (equation 4.) 












FIGURE 4.2 	COMPARISON OF VARIOUS RELATIONSHIPS FOR - STRAIN AT 
MAXIMUM STRESS. 
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been made to adopt some method of analysis which eliminates the 
necessity of measuring the strain (61)  . for example, by adopting 
some arbitrary constant value for all concretes, but there is 
no experimental evidence to justify this practice. 
In this study, an attempt has been made to achieve a 
continuous record of the stress and strain until ultimate 
failure asreported. earl ier. 	The ultimate strains obtained 
from an average of not less than 6 prism tests for each type of 
concrete are shown in Table 4.3. 	The results of six cylinder 
• . .tests werealso available.beside the prism tests for the concrete 
strength 30 N/mm2 . 	This number of tests is quite small to 
cover the various aspects of the problem. 	Nevertheless, they 
do indicate the general trend and it is proposed that the: 
• 
	
	following empirical relationship can be adopted to represent 
the ultimate strain : 
cu• = 7.5 x io 	(f0 ) 	 ... (4.1.0) 
From equations (4.9) and (4.10): 
Co 
 = 0.121T 	 ... (4.11) 
The ultimate strain values computed (assuming fo = c
' 
from equation (4.10) are shown in Figure 4.3 together with the 
values obtained from the experimental results. 	. • 
TABLE 4.2STRESS-STRAIN PARAMETERS 
f' 
- 
C 	= 10 3  
0:.. 
f 
E 	- -p. ° C E C 
E 
R - ---- 
2 





40 2.25 2.26 17.70 32,89 1.86 
35 2.20 2.19 15.98 30.76 1.93 
30 1 	2.15 2.11 14.22 28.48 2.00 
25 2.00 2.01 12.44 26,00 2.09 
20 1.90 1.90 10.53 23.25 2.21 
15 - 1.77 8.47 20.14 2.38 
* Average of at least six prism tests 
TABLE 4.3 ULTIMATE STRAIN AND CORRESPONDING STRESS AT FAILURE 
fi 
c 	x.10 3 
U 






EXPERIM O * EQN 	(4.10) EQN 	(4.9) EQN 	(4.11) 
-40 3.00 2.98 2.26 4.32 
35 3.10 3.08 2.19 1.41 
30 3.20 3.20 2.11 1.52 
25 335 3.35 2.01 1,67 
20 3.55 3.55 1.90 1.87 
15 3.80 	- 3.81 1.70 2.15 
* Average of not less than six prism tests 
M. 
The proposed stress-strain relationship represented by 
equation (4.4) can thus be adopted to represent the stress-
distribution in concrete under flexural compression together 
with equations (4.9) and (4.10) to represent the strains at 
maximum stress and ultimate 'failure. 
4.2.5 	Comparison of Various Stress-Strain Relationships 
Another relationship, which can be derived in a similar 
way, may be expressed as 
= R 	+ (1 - R) (c/0) 	 ... (4.12) 
It may be noticed that the expression suggested by CEB for 
representing the stress-strain curve is a particular case of 
the above expression obtained by puttiAg 	= 2. 
Saenj 59 analysed two different mathematical expressions 
for representing the stress-strain curve of concrete. 	The 
polynomial relationship analysed by him does not represent the 
descending portion of the curve adequately. 	His second 
expression provides a curve which is similar to equation (4.4). 
The stress-strain values obtained from equation (4.4) and 
from test-results (ie, the average of six prism or cylinder 
tests) are shown in Tables 4.4 and 405 respectively. 
TABLE 4.4 	PROPOSED StRESS-STRAIN RELATIONSHIP EQN 4.4) 
• 	
. 	EC/E0 (E:/E:0) 	 . 	 E C/E O 
	
f/f0 where : n  
1 	(E/E0 - 1) Icon 	. ((E/E 0 ) - 1)'' 
• 	Ec 	= 5.2 '' kN/mm2 
60 = 0.9 x 10- (f 
0 
and f0 and 	are expressed in N/mm 2 
f expressed, in N/mm? for concretes of strengths 
c/co 	f0 = 40 N/mm2 	• f0 = 35 N/mm2 	f0 = 30 N/mm 2 	f0 = 25 N/mm2 	f0 = 20 N/mm 2 
0.25 17.84 	• 16.05. 
0.50 31.21 . 	 27.68 
0.75 38.22 33.65 
.1.00 40.00 35.00 
1.25 38.86 	' 34.07 
1,50 36.39 ' 	. •, 	32.10 
1.75 33.51 .  29.78 
2.00 , 30.68 • 	 27.47 
14.12 .12.13 	• • 10.08 
24.00 20.65 • 	 16,49 
28,80 24.07 	, 19.32 
30.00 . 	 25,00 20.00 
29.27 24.44 19.60 
27.69 ' 	23.25 	• 18.74 
25,85 .21.84 17.73 
24.00 20.43 	• 16.67 
TABLE 4.5 	STRESS-STRAIN RELATIONSHIP (EXPERIMENTAL*).. 	 . 
f0 = 40 N/mm2 	f = 35 N/MM2 f0 = 30 N/mm 2 	f0 = 25 N/J 	f0 =20 N/mm 2 
io 	f N/rn 	10- 3 	f N/rn2 . c x io 	f N/mm2 	x 10 	f N/mm2 	c x 10 	f N/mm 2 
-0.56 18.0 	. 0.55 16.50 0.54 14.50 	- 0.50 11.75 0.45 9.50 
1.125 33.0 1.10 28.50 1.08 24.50 1.00 20.00 0.90 16.00 
1.60 38.5 1.5 33.50 1.60 28.75 	
' 
1.50 24.00 1.35 1.9.00 
2.250 40.00 2.20 35.00 2.15 30.00, .2.00 25.00 1.80 20.00 
2.800 39.25 2.85 34.00 2.70 29.00 2.50 ' 	24.00 2.25 19.25 
3.00 38.25 3.10 33.00 3.00 28.00 3.00 22.50 2.70 17.50 
-- -- -- -- 3.20 27.00 3.35 21.00 3.15 15.50 
-- 	. 	. -- -- . 	-- -- -- 3.55 14.50 
* Represented as average of not less than six prism tests 
Figure 4.3 compares the curves represented by equations 
(4.4) and (4.12) with the experimental results. 
It is evident that while the ascending portion of the curve 
'represented by equations (4.4) and (4.12) show good agreement 
with the experimental results, the descending portion 
represented by equation (4.12) does not indicate any reasonable 
agreement with the test results'."' The descending portion of 
curve is mainly influenced by the applied, straining rate as 
well as some other parameters of lesser effect. 	However, 
the expression represented by equation (4.4) shows. overall, a 
reasonable agreement with the test results and can thus be 
adopted to represent the stress distribution in concrete under 
flexural compression. 
Another important' parameter which influences the, shape of 
the curve is the' factor R(= E/E0), which itself depends upon 
the choice of relationships adopted to represent the parameters 
EC  and E 0 . 	It is thus desirable to adopt a unique relationship 
for representing the stress-strain curve by a simple 
expression which should yield results within the acceptable limits 
of design error...If as an average R = 2 is assumed for all 
types - of concretes, equation (4.4) becomes 
2 c/c 	. 	.. 	. 	' 
f=  





























General Eqn (4.4) 
General Eqn (4.12) 
Experimental Curve 
(From Mean Values) 
1 0 	 1000 	 a000 
	
3000 	 OOO 
Strain micro mm/mm 
FIGURE 4.3. 	STRESS-STRAIN RELATIONSHIP OF CONCRETE 
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This is incidentally, the same relationship as suggested 
by Desayi and.Krishnanr( 58) in a different form. 	The same 
expression is also obtained by putting R = 2 in the general 
relationship proposed by Saenj 59 . 	Desayi and Krishnan 
observedthat the expression also indicated good agreement 
with the values obtained from the exponential relationship 
proposed by Smith and Young 62 .. 	 .. 
It should, however, be mentioned that it is always 
possible to obtain an equivalent polynomial relationship for 
each type of concrete by suitably adjusting the values of the 
coefficients A, B, C and D in equation (4.1). 	The following 
expression, as an example, represents the stress-strain curve 
. -- : -- ofconcreté quite 	miiarrtothatrepresented. by equation (4.l3)" 
viz 
fo 
 = 2.2 /ç- l.4(/c0 ) 2 + 0.15(c/c) 3 + 0.048(E/c0 ) 4 
... (4.14) 
Figure (4.4) compares some stress-strain curves proposed by 
various in.vestigators 53 ' 63 with the relationship represented 
by equations (4.13) and (4.14). 	 . 
To sum up it may be stated that while equation (4.4) is a 
- 	more accurate representation of the stress-strain relationship, 






FIGURE 4.4 	STRESS-STRAIN CURVE 	= 30N/mm2) 
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adopted as a reasonable .approximation of the stress-strain curve 
for all types of concrete. 	This relationship may be adopted for 
representing the stress distribution in concrete under flexural 
compression together with equations (4.9) and (4.10) for 
representing respectively the strain at maximum stress () and 
the ultimate strain (ca). 
The analysis i.n subsequent sections is based on the 
assumption that the stress block in a section under flexure 
corresponds in shape to the stress-strain curve of the concrete 
represented by equation (4.13). 
The specimens of all the series except four from the last 
series were designed for a concrete strength of 30 N/rn 2 , for 
which equation (4.13) provides the most accurate representation. 
However, the same equation has also been used to compute 
the ultimate strength of four specimens fromthe 'NT' series 
as suggested earlier, whereas the values of 	are obtained 
from equation (4.11). 
4.3 	STRESS BLOCK PARAMETERS FOR A SECTION UNDER FLEXURE 
The foliowing.analysis relates to the theoretical 
ultimate moment capacity of the flexural members. 
The section parameters, stress block and the strain 














(a) Section 	 (b) Stress Block. 	(c) Strain Diagram 
FIGURE 405 
The moment of the stress block shown in Figure 4.5(b), 
taken about the neutral axis, is 	 ,. . 	 . 	 . 
X u d 
(7d)Cu = 	f 	yfbdy 	. 	 ... (4.15) 
where 	 f = concrete stress at a distance y above 
the neutral axis as expressed by 
equation (413) 	 . 
I,) 
xd = depth of concrete in compression 
yd 	= distance of the centre of the compression 
block from the neutral axis 
Cu 	= total compressive force 




and 	dy = (-E----)dE 
U 
where xd = depth of neutral axis. 
(4.16) 
Thus, 
(yd)C 	= b(xd) 2  2 f0( 	 - tan 	. 	 ) 	... (4.18) 
But the total compressive force in the concrete is given by 
x  
• Cu. = 	f •fbdy  
0 
Substituting the value of 'f' from equation (4.13) and 'dy' from 
equation (4.17)and integrating 
• 	
C 	= b x  	f0 	loge(l ~ J 
)2) 
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or 	Cu 	= 	f 	b x d ... (4.20) 
• 	av 
where fav = average stress in the compressive block 
log 	(l 	+  (4.21) 
•The.val.uèsof 	and c 	in equations 	(4.18.) 	and 	(4.21) 
are obtained from the relationship expressed by equations 
(4.9) and (4.10) 	and the value of f0 is assumed to be equal 
to fc - 
The distance of the neutral axis from the extreme 
compressive fibre will 	thus be 
For tensile failure 	x d = 
-- 	 ( 	) 
or 	x 	= p f 
SY 	 ... 
av 
(4,22) 
For compressive failure (ie, c < • 
E 	 • 
Xu 	= p ... (4.23) 
• av 
.where 	 A 	= St Area of tensile reinforcement 
A 
st 
P 	= Tensile reinforcement ratio (= 
-- ) 
Yield stress of the tensile • 
reinforcement 
The various stress block parameters for a balanced section 
for different grades of concrete are given in Table 4.6, 	The 
stress block parameters as influenced by the reinforcement ratio 
are shown in Table 4,7. 	 . 
Thus, the ultimate moment capacity of a flexural section 
is given by : 
= Cd(1- x+37 ) 
= C ud (1 
= 	av x (1 - 	) bd 	 ... (4.24) 
The ultimate strength of beams framing into, the joint of a 
specimen can thus be obtained on the basis of this analytical 
approach.' The vaiueo'fthe yield stress of the steel can be 
adopted from the experimental results shown in Table 2.3. 
attock eta-l 6 	have sugg'ested that the stress 
distribution can be represented by a rectangular block for 
computation of. ultimate strength. 	Whitney's approach 65 , 
based on a rectangular stress' distribution, has been widely 
used for ultimate, analysis and the design of structural 
members. 	However, the approach discussed above provides a 
more accurate and logical basis for the computation of the 
stress block parameters. 	 '' 
'5 
TABLE 4.6 STRESS-BLOCK PARAMETERS FOR BALANCED SECTIONS 
N/nim2 
uko xd 7d 
S 
P0 
40 1.32 •0.677 d 0.596 x 
U, 
 0.404 xd u 0.764 	
f1) 0.514 
35 1.40 0.684 d 0.590 xd 0.410 xd 0.776 fc 0.530 
30 1.52 0.693 d 0.583 x d 
U, 
0.417 x d .0.788 f 0.546 f 	'/f 
C 4 
25 1.67 0.702 d 0 . 574 xd 0.426 xd 0.798 f 0.560 
20 1.86 0.714 d 0.564 xd 0.436 xd . 	 0.803 f 0.573 
TABLE 4.7 	STRESS-BLOCK PARAMETERS FOR DIFFERENT REINFORCEMENT RATIOS PROVIDED IN VARIOUS SPECIMENS 
	
f' 	f 	 A 	 M1 	 M 
2 	
av2 	= x1d 	 Proposed 	 Whitney's N/mm N/mm Analysis Theory 
40 30.56 0.0128 0.127 d O.O508d 0.092 f bd2 0.092 f' bd 2 
35 27.16 .0.0128 0.143 d 0.0586 d 0.104 f bd2 0.104 bd2 
30 23.64 0.0072 0.093 d 0.0386 d 0.070 f bd 2 0.072 f bd 2 
0.0128 0.165 d 0.0686 d 0.121 f bd 2 0.120 bd 2 
0.0200 0.257 d 0.1072d 0.181 f'bd2 . 	 0.178 f bd 2 
0.0255 0.328 d 0.1367 d 0.233 f ' bd 2 0.219 f 	' C bd2 
0.0299 0.384 d 0.1603 d. 0.254 f 
C 2 
bd 0.249 fc 
bd 2 
25 19.95 0.0128 0.185 d 0.0831 d 0.143 f' .. bd 2 0.141 f bd2 
20 16.06 .0.0128 0.242 d 0.1055 d 0.174 bd 2 0.172 bd2 
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The average stress of the compressive block 
av'  as 
represented by equation (4.21), is an important and useful 
parameter, which can be used in the evaluation of the 
flexural and compressive strength of sections, a comparison Of 
the stress-strain relationship for confined and unconfined 
sections, the computation of the moment curvature relation-
ship of structural members and for representing the failure 
criteria of concrete under a- complex state of stress. 
4.4 	FLEXURAL STRENGTH OF CONFINED SECTIONS 
It is now well-recognised that the confinement provided 
by the transverse reinforcement significantly influences the 
ductility of a concrete section. 	The web-reinforcement in the 
beams of the 'NS' series was varied to study the effect of the 
confinement of beams on the strength and behaviour of beam- 
column joints at low axial loads. 	The effect of confinement 
for structural members subjected to axial loads or bending 
moments has been studied by various in ves ti gators ( 1422340 ), 
The confining stresses in flexural members aremore unevenly 
distributed along the depth of the section and an analysis of 
the flexural members is thus more complicated. 
Experimental investigations have shown that the shape of 
the stress-strain curve for concrete varies according to the 
confinement stresses. 	Sunderraja Iyengar 66 and Kent and 
Park (67)  studied the effect of transverse hoop reinforcement and 
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derived expressions to represent the stress and strain at various 
stages and the stress-block parameters. 	Soilman and Yu 40) investi- 
gated the stress-strain relationship of concrete under flexure 
confined by rectangular ties and examined the influence of the 
size and spacing of the binders and the concrete cover. 	It 
was suggested that the ascending part of the stress-strain 
curve can be considered to be approximately the same for bound 
and unbound concrete. 	They proposed the following expressions 
for the maximum compressive stress, and the average stress of 
the compressive block for bound concrete 
f II = c 0.9 f
c  (1 + 0.05 q") ... (4.25) 
And 
	
fav"= 0.72 c (1 + 0.14(q") 4) 
	
(4.26) 
where 	 = maximum compressive stress of bound concrete 
= cylinder strength of the concrete 
av' = average stress of the compressive block of 
bound concrete analogous to fav' expressed 
in equation (4.20) 
and 
	
= a parameter referring to the effectiveness of 
the transverse reinforcement 
AL 	 A (S -S) 
= 1.4( --- 0.45) 	 0 	V 
A5 S, + .0028 BS V2 
compression 	(= bx) 
Ac 	= Area of concrete under 
compression 	(= b'x') 
A5 	= Cross-sectional area of one leg 
of a link 
= Spacing of the transverse 
reinforcement 
S0 	= Longitudinal 	spacing at which 
the transverse reinforcement 
was not effective in confining 
the concrete 






	 Ab = Area of bound concrete under 
The expressions reveal that the confining stresses are influenced 
by both the amount and spacing of the transverse reinforcement. 
• Burns (13) suggested an approximate expression on the basis of 
Chan's test results (30) to represent the average compressive stress 
of bound concrete as : 
fav 	av (1 + 10 p " ) 	 ... (4.27) 
where 	P= 
	volume of stirrups 
volume of bound concrete 
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It becomes evident that confinement influences the average 
stress of the compressive block of the bound concrete. 	Thus, 
the stress block parameters and the ultimate strength of a 
confined section can be evaluated interms of the increased 
average stress of the compressive block. 	The following 
expressions corresponding to the expressions obtained earlier 
for unbound concrete can be adopted to compute the strength of 
a confined section 
C 	
= 1av' b Xud 
x 	= p fsy 
And 	 = Cu (d - xd + 7d) 
= 	av x(l - (x U- 
= 	av '  x(l - )bd 2 
... (4.29) 
... (4.30) 
Soliman and Yu also derived an expression to represent 
the depth of the centroid of the compressive force from the 
extreme compressive fibre. The expression can be written as 




The stress block parameter can thus be computed from 
equations (4.25) to (4.31). 	It may be noticed that 
equation (4.26) is capable of representing the effect of the 
spacing of the stirrups on the average compressive stress and 
other stress block parameters. 	The value of the average 
stress computed from equations (4.26) and (4.27) for specimens 
of the 'MS' series are shown in Tables 4.8 and 4,9, 	For 
Ak 
compu-tation of:parameter.pH, the ratio 	was taken as 0.90 
C. 
and the spacing S 0 , at which the transverse-reinforcement 
becomes ineffective in confining the concrete was assumed to be 
20 cm (approximately twice the effective depth). 
The values of the average compressive stress and other 
stress block parameters as computed from these relationships 
are shown in Tables 4.10 and 4.11, for specimens of the 'NS' 
series. 	The ultimate strength of confined sections can then 
be - computed from - equation (4.30) as discussed in the previous 
section. 	It is evident that the ultimate strength of a 
flexural section computed on the basis of the two approaches 
are almost the same. 
4.5 	BI-AXIAL STRESS STRAIN RELATIONS FOR CONCRETE 
Liu et al(68)  have stressed the necessity of developing 
a bi-axial stress-strain relationship for concrete for 
computation of the stress block parameters. 	The specific 
aspects.of this problem require a more detailed study, which is 













f i . 
av 
2 • 
• 	2 mm mm 
q c 'av f av N/mm 
30 1.28 0.788 f 7.07 5.0 0.864 0.810 fc 1.028 
30 1.28 0.788 f 7.07 2.5 .2.766 0.936 1.188 
30 1.28 0.788 f 15.91 5.0 1.236 0•838' 1.063 
30 1.28 0.788 15.91 2.5 3.489 0.977 f 1.240 
• 	TABLE.4.9 AVERAGE 
SECTION 
STRESS OF COMPRESSIVE BLOCK 
(CHAN'S TESTS) EQN 4.27 
FOR CONFINED 
fi 	• c • f 	I av 




30 1.28 	• 0.788 f 	 • 0.0074 0.846 fc ' ' 	 • 1.074 
30 1.28 0.788 0,0148 0.904 f 1.147 
30 . 	 1.28 0.788 f' 0.0167' .0.920 f' 0.168 
30 1.28 0.788 fc l 0.0334 1.050 fc • 	1.332 
TABLE 4.10 	STRESS BLOCK PARAMETERS (SOLIMAN AND.YU) 
f i A S 
N/irn2 	. b mm mm2 1av' 
. x  
30 1.28 7.07 5.0 0.810 f' 0.160 d 0.071 	d 0•120' bd2 
30 1.28 7.07 2.5 0.936 f 0.139 d 0.065 d 0.122 	fc l bd 2 
30 .1.28 15.91 5.0 0.838 O.155 .d 0.070d 0.121 bd 2 
30 1.28 15.91 25 0.977 f 0.133 d 0.063 d 0.122 f bd 2 
TABLE 4.11 STRESS BLOCK PARAMETERS (CHAN'S TESTS) 
N/mm2 Pb 	(%) 
mm2 mm2 
t av ' xd M 
30 1.28 7.07 5.0 0.846 f 0.153 d 0.069 d 0.120 bd 2 
30 1.28 7.07 2.5 0.904 f 0.143 d 0.064 d 0.121 	f bd2 
30 1.28 15,91 5.0 0.920 f 0.141 	d 0.063 d 0.122 bd 2 
30: 1,28 15.91 2.5 1.050 f 0.124 d 0.056 d 0.123 bd2 
* = 0.45 xd  (assumed) 
out of the scope of this investigation. 	However, it would be 
quite relevant to indicate that the approach discussed in 
section 4.2 can quite conveniently be adopted to develop the 
stress-strain relationship of concrete in bi-axial compression 
in the same analytical form as represented by equation (4.3) 




(1 - pa) (a + bc" ) 
... (4.32) 
where 	f = stress in direction considered 
c. = strain in direction considered 
a = ratio of the principal stress in the 
orthogonal direction to the principal 
stress in direction considered 	- 
= Poisson's ratio 
The coefficients a, b and ñ' are obtained, by satisfying 
the conditions at zero strain and maximum strain e o , as 
discussedin Section 4.2.1. 	Thus, 
a=- E
C 
b = _L (R- (1 - w) 




and 	R = - 
E0 	. 
The equation (4.32) thus. becomes 
E C  c. f 	= .. 	 I 	 .. (4.33) 
((l-ia)+(R-(l-.pa))c 
f and, 	
-i -- = 	
... 	 . 	 . 	
(434) 
o ((1 - iia) + (R - (1 - 
Equations (4.33) and (4.34) are the proposed stress-strain 
relationships for concrete in bi-axial compression. 	The 
equation.is..reduce.d..to the.expression for uniaxial compression, 
represented by equation (4.4), by putting a = 0. 
• 	The values of the initial modulus of elasticity, Ec  and 	...- 
the strain, 60 , at maximum stress, f0 , may be obtained from a 
relation established earlier., 	However, it is likely that the 
- - 	factor .c0  may. be di-ffe-rent...-for bi-axial compression as reported 
by Liu 68 . 	 . 
.-This: uggest&- that further experimental evidence is  
necessary before suggesting any relationship to express the 
strain at maximum stress. 	Poisson's ratio, as reported by 
Pauw 69 , may be taken::to.be a constant value-of 0.2, though 
this is also likely to be influenced by a number of 
parameters. 	. 	. 
However, the object of this discussion was to indicate 
the possibility of establishing an analytical formula capable 
of representing the stress-strain relationship of concrete 
under bi-axial compression, which may further be improved, if 
necessary, on the basis of experimental evidence. 
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CHAPTER 5 
	
MOMENT CURVATURE CHARACTERISTICS OF 
FLEXURAL MEMBERS 
5.1 	INTRODUCTION 
The adoption of methods based on the ultimate strength 
theory in modern structural designs has created a renewed 
interest in the deformation behaviour of concrete structures. 
The conception of inelastic behaviour at high loads is associated 
with a readjustment of the relative magnitudes of the bending 
moments in a structure and has resulted in a more effective use 
of the concrete compression zone. 	But in certain instances, 
it may be possible that the strain capacity of a section is 
exhausted before full redistribution of the bending moments 
can be achieved in the structure as a whole. 	Thus, from 
strength and ductility considerations, the most important 
index of the response to load of a member is provided by its 
load deformation characteristics. 	The evaluation of the 
moment curvature relationship is' the first step in the 
analysis of the deformation behaviour of the test specimens 
from which the load deformation or moment rotation 
characteristics are computed. 
This Chapter deals with the derivation of analytical 
expressions for the moment curvature relationship of the 
flexural members. 	The approach adopted utilizes the 
properties of the materials and the comp;['tability relationship. 
The Chapter also presents methods of evaluating the moment 
curvature characteristics of a confined beam-section,, 
5.2 	MOMENT CURVATURE RELATIONSHIP 
The general behaviour of the specimens as discussed in 
Chapter 3, Section 3.2, reveals that there are usually three 
significant regions in the deformation response of a member in 
a beam-column joint as shown in Figure 3.1. 
0 A - Elastic region, ie, the uncracked elastic region which 
extends up to the appearance of cracking on the tension 
side of a beam section in the region of maximum moment. 
This stage will be termed as the 'cracking stage' in any 
subsequent description. 
A B - Cracked elastic region :•which extends until commencement 
of yielding of the tensile reinforcement in the beams. 
This stage is termed the 'yield stage'. 
B C - Inelastic region : which extends until the ultimate stage 
of failure. 
The development of analytical expressions for the moment 
curvature relationship for these regions is presented in this 
Section. Two approaches are usually adopted for the analysis 
of the moment curvature relationship. 	The first approach 
adopts the conception of flexural rigidity and the values of 
stiffness 'El' are modified in' the post cracked zone to allow 
for non-linear behaviour of the section. 	Methods which are 
available to compute the flexural rigidity in the pre-cracked 
and post-cracked zones have been discussed by Beeby 52 in 
his report on short term-deformation of reinforced concrete 
members. 
Another approach is based on a direct sectional analysis. 
It utilizes the properties of the materials and a compati'bility.  
relationship. 	This approach has been adopted by Burns 13 , 
Mattock 21 , Johns -Con 70 , Furlong (71 and Priestly 72 . 	In 
the present analysis the development of equations for the 
moment and curvature of the cracked elastic and inelastic 
regions is based on this approach. 	The assumptions made for 
the analysis at various stages are as follows 
The strain distribution over the depth of the section 
is linear. 	This assumption has been proved to be 
reasonably accurate experimentally, by considering 	- 
the average strains on sufficiently long gauge lengths 
and is universally adopted in most analyses of 
reinforced concrete sections. 
The distribution of stresses at the commencement of 
yielding of the tensile reinforcement is linear, being 
zero at the neutral axis and a maximum at the compressive 
face,-as shown in Figure 5.1(b). 
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FIGURE 5.4 	TYPICAL MOMENT CURVATURE DIAGRAM 
The tensile strength of concrete may be neglected. 
At the maximum moment, the inelastic stress 
distribution of the concrete as shown in Figure 5.2(b) 
corresponds in shape to the stress-strain curve of 
concrete represented by equation (4.13) as discussed 
in the previous Chapter. 
The stress-strain curves for the reinforcement obtained 
experimentally and shown in Figure 2.4 (Chapter 2), can 
be approximated to the tn-linear form shown in 
Figure 5.3. 
At ultimate the reinforcement in the compression side 
has yielded. 
For the assumed.stress distribution in the compression 
zone at ultimate, the compressive force, average stress and 
other stress block parameters have beencomputed in 
Chapter 4 and have been adopted in this analysis. 
A generalized diagram for the moment curvature relation-
ship for an under reinforced section is shown in Figure 5.4. 
The diagram follows the sequence of the load deformation 
response. 	The cracking of concrete in the tension zone is 
indicated by mark (1). 	The second break, marked as (2), 
represents the commencement of yielding of the tensile 
reinforcement in the beams. 	The portion beyond this point 
I 
corresponds tothe stage of the development consisting of spreading 
of cracks in the portion of the beam near to the beam-column inter-
face and the joint •region, until failure of the joint at ultimate 
occurs. 
5.2.1 	At Cracking Stage 
This region extends until the first break occurs in the 
load deformation response. 	It is marked as (1) on the 
generalized moment curvature diagram (Figure 5.4), 	Prior to 
this stage the section was uncracked. 	The curvature, q , of 
an uncracked section can be represented by 
= E 	
(5.1) 
where q = curvature of the section 
• 	 M = applied moment 
E c = modulus of elasticity of the concrete 
I = moment of inertia of the gross section about its 
centroidal axis in the plane of bending 
The modulus of elasticity of the concrete is taken from 
experimental results as given in Table 2.2 (Chapter 2). 
The flexural rigidity 'EI'  of the beam section is a 
function of the moment of inertia of the transformed section 
but as a reasonable approximation, it can be adopted as the gross 
moment of inertia, I, of the section. 
The cracking moment can be computed by adopting a suitable 
criterion for cracking of the concrete. 	This cracking will 
occur when the extreme fibre stress in the tension zone of the 
concrete produced by the applied moment has reached a value 
equal to the modulus of rupture of the concrete, 
Thus, 
Mcr = ft  
• 	
•= 
	 ... (5.2) 
6 
where 	Mcr = cracking moment 
z 	= section modulus 
D 	= gross depth of beam section 
= tensile strength of the concrete expressed as 
the modulus of rupture 	• 
The expression for representing f was suggested in Chapter 3 
on the basis of earlier inves tigation, viz 
= 
The values of cracking moment for the beams of the model 
specimens are shown in Table 5.1. 	The results indicate no 
definite trend. 	The overall performance of the joint is not 
influenced by the appearance - of cracking at any particular stage.. 
The cracking moment varies between 10 to 25 percent of the 
	
TABLE 5.1 	COMPARISON OF COMPUTED VALUES OF CRACKING MOMENT 
WITH EXPERIMENTAL VALUES 
M 	kN-mm cr 
Mm (Meas.) 	M 	(Meas.)cr 
SPECIMEN 	COMPUTED 	MEASURED 
Mcr 	kN - mm' 	M (Meas.) 
(%) 
NN 1 695 625 0.90 3180 
NN 2 695 640 '0.92 3240 
NN 3 695 600 0.86 3300 
NN4 695 570 0,82 3000 
NN 5 695 460 0.65 2970 
NN6 , 695 590 0.91 2940, 
NM  695 510 0.73 ' 3060 
NM  695 450 0.65 3090' 
' NM  695 	. 550 0.79 	: 3210 
NM 10 695 630 0.91 3270, 
No 11 695 . 	 465 0.73 2790 
N012 695 440 0.69' 2820 
NO 13 695 ' 	 585 0.86 2.910 
N014 695 490 0.70 ' 	 3060 
NP 15* . 695 . 495 0.71 	, 2040', 
NP 16 	' , 	 695 675 , 0.97 4500 
NP 17 695 575 0.82 '5275 




















Tab1 5.1 (continued) 
Mcr kN - miii 
SPECIMEN 	COMPUTED 	MEASURED 	
McrC( ) Mm (Meas.) 	Mcr  (Meas.) 
kN - mm 	M u (Meas.) cr 	
(%) 
NQ 19 695 420 0.60 2010 20.9 
NQ 20 695 560 0.80 4400 12.7 
NQ 21 	• 695 545 0.78 5175 10.5 
NQ 22 695 600 0.86 5700 10.5 
NR23 695 630 0.91 6300 10.2 
NR24 	- 695 700. 1.00 6210 11.3 
NR25 695 630 0.91 5775 10.9 
NR26. 695 630 0.91 5775 10.9 
NS 27 695 450 0.65 3060 14.7 
NS 28 695 675 0.97 3090 21.8: 
NS 29 695 675 0.97 3120 21,6 
• NS 30 695 480 0.69 3300 •. 14.5 
NT 31 • 	 803 750 0.93 • 3090 24.3 
• 	 • NT 32 751 750 1.00 	• 3000 25.0 
NT 33 • 635 600 0.95 2880 20.8 
NT 34 .568 570. 1.00 2730 20.9 
maximum measured moment, M m 
5.22 	At Yield Stage 
Any subsequent increase in loading results in yielding of 
the tensile reinforcement, 	In an under-reinforced beam this 
yielding starts when the concrete stress in the compression 
zone is, within the elastic stage. 	The region extends between 
points (1) and (2) on the generalized moment curvature diagram. 
From diagram 5.1, it is evident that the yield curvature, 
occurs when steel strain, E 5 ,, becomes the ratio between 




d - xd 	E5d(l-x) 
where 	xd = depth of the neutral axis from the compression 
face of the section 
To obtain a general relationship, it is assumed that the 
reinforcement is provided on the compression side of the beam 
section also, the ratio, x , can be expressed approximately as 







I 	- 	Sc 
Pb - bd 
E 
m 	= modular ratio, - 
ad 	= depth of the compression reinforcement from 
the compressive face of the section 
From equations (5.3) and (5.4), the expression for yield 





d E5{l + m(pb + 	-/m 	+ 	+ 2m(pb + apb')I 
The internal moment at the critical section can be computed 
by establishing the magnitude and distribution of the strains 
over the section and satisfying the condition of equilibrium of 
the compressive force and the force in the tensile steel at 
yield in the section. 	The moment at the critical section. - at 
the yield stage is thus 
My = Cc (d - 
xd 
	
) + Csc(d - ad) 	 •.. (5.6) 
where 	Cc: = the compressive force in the concrete 
CSC= the compressive force in thesteel in compression 
From equilibrium of forces 
A5 t f5 	= Cc + Csc 
i 
or 	 cc = Ast 	- C5 	 •'• (•fl 
The compressive force, 	in the steel is 
Csc = A ; ' f5 1 	 . ( 5.8) 
f being the stress in the compressive reinforcement. 
Substituting for C and 	in equation (4.7) yieldssc 
M 	= (A5t f 	- A 	f)(d - - 	).+ 	f' (d 	ad) 
(5.9) 
The value of the compressive stress in the steel can be obtained 
by Figure 4.1. ' 
ci 	- 
'S - ' ssc 	 ' 
= E5 	= 	) 	 ...• (5.10) 
If.the compressive steel has also yielded 
f' 	= Asc' fy,'  
Thus, the relationships expressed by equation (5.5) and 
(5.9) are used:to: compute the curvature andmomentat the yield 
stage. 	For a beam without compression steel, the two expressions 
are reduced to 
f = 	 sy 	_________ 	 ... (5.12) 
. 
,d E5(1 + mpb) - /m2 b + 2 mpb 
and 	M 	=A5t f, (d - 	) 	 ' 	•. (5.13) 
The expression for the depth of the neutral axis, xd, thus becomes 
xd =' (/m2 Pb  + 2 mpb - mpb)d 
	 ... (5.14) 
Since the' theoretical evaluation of the load displacement 
response is based on the computation of the magnitude and 
distribution of the curvature, the factors which affect the 
theoretical estimation of the curvature '.can now be considered. 
The curvature at the yield stage as given by equation (5.3) is a 
direct function of the yield strain in the tensile reinforcement, 
Thus it is always preferable to carry out the computations 
on the basis of some carefully measured value of c 	instead of sy 
adopting a theoretical' value. 	The estimation of the position 
of the neutral axis is another factor which influences the 
magnitude of the curvature. 	The approximation in the expression 
for the depth of the neutral axis of a beam with compression 
steel as represented by equation (5.4) does not have an 
appreciable effect on the computed values. 	Since the beams in 
this programme are under-reinforced, there is no such approximation 
in the expression for the depth of the neutral axis given by 
equation (5.14). 
However, the expressions for xd are based on the assumption 
that the distribution of stress is, linear, even though the actual 
stress distribution may be different as discussed in the previous 
chapter. 	But the error is not likely to be significant if 
the maximum stress in the top fibre of the beam is less than. 
about half the compressive strength of the concrete. 	The 
modulus of elasticity, E, used in these computations, is 
obtained from experimental results, measured at 0.0005 strain 
as the average of at least six prism (or cylinder) tests. 
- 	Section 5.4 gives a comparison of the computed and 
experimental results where the, contribution of these factors 
on the theoretical load deformation response of a flexural 
member is discussed. 
5.2.3 At Ultimate Stage 
• 	'After the yield stage, the development and spread-of cracks 
in the joint region and. in the beam near the beam-column inter- 
- 
	
	face was observed. -- The appearance,direction and spread of 
these cracks was found to be influenced by the column load 
level and other parameters and shall be discussed later, but 
this phenomennproduced no significant break in. the load' 
deformation response. 
For the analysis at this stage, the stress-strain curve for 
the tension reinforcement steel is purposely idealized to a tn-
linear form so that any effect due to strain hardening of the 
steel can be taken into consideration. 	It is assumed that the 
stress-distribution, the strain at maximum stress, and the 
ultimate strain in the concrete compression zones are 
represented by the expressions developed in - the previous 
Chapter. 	 - 
From equilibrium of the internal forces 
C u + f5 ' A5' =f A 	 .. 	(5.15) 
where the compressive force at ultimate 
C u 	(fav )b xd 
The average stress of the compression zone, av' 
 is 
obtained from equation (4.21), of the previous Chapter. 
Thus, 
av b xd + Asc' f5 ' 	As t f5 
or 	
xd = A5t f s 	Asc'  1sy 
av 
-  




Thus, the moment of the internal forces at ultimate 
Cu 	- x 	
+ d) + Asc' f,' (d - ad) 
= 	av b xd(d - xd + d) + b' bd f 	(d - ad). 
= bd2 [fav Xu(i -, ) + b f 5t (1 - a)] 	... (5.17) 
The notations are as described earlier and the value of x is 
obtained from equation (5.16) and 9d from equations (4.18) and. 
(420) of the previous Chapter. 	Thus, the ultimate moment, 
Mu  can be calculated if the value of the stress in the 'tensile 
steel, fS 9 is known. 	The curvature will also depend on the 
condition of stress in the tension reinforcement. 
From Figure 5.2(c) : 
x 	c 
U •u 	 ' 	
... (5.18) 
d 
From equation (5.16) and (5.18) 
b sPb. .f5 	 Cu 
or 	' 	f5 = I( 
C: 	Cu + 	b' f
5 ') ' 	,... (5.19)' 
• 	 • 
Equation (5.19) now defines the condition of stress in the 
	
tension rei nforcemei it. 	The steel strain, c, at a 
particular instance can be computed from the idealized 
stress-strain curve shown in Figure 5.3. 	There are three 
possible conditions 
S. 	 • 	1.f. 	f 5 	 5 	
5 	 S 
Sf 
then E 	-- 
S 
E5 
f5 = f, 	. 
 
ff 
then c = c + S - sy 
S 	 S 	S 	
E' S. 	
S 	5 	5 	 - 
• 	 S 
where E'= 	U 	Sy. 	
S. 
su sh S 	 S 
Thus, the stress in the tensile steel, f 5 , can be evaluated 
by considering the appropriate condition. 
• 	
If there is no compression steel in the beam, equations 
S 	 5 
 






2 M. = 	(fav x(l  
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This is the same expression as obtained in the previous Chapter. 
For determining the stress in the tensile reinforcement 
at ultimate, the critical values of"Pb" 
 corresponding to a 
particular strain condition must be calculated. 
Thus, from the conditions of compatability of strain and 
equilibrium of forces 
x 	= 	= 
	
u.f av Cs+Eu 
E: 
or 	 = 	 ... (5.20) 
+ Curs 
For a balanced condition 	
= 
or b = 	
U a 	 (521) 
sy 	usy 
At the condition of commencement of strain hardening C s = Es h 
or 	Psh = 




if b > p0 , f
5 < 	le, the stress in the tension 
reinforcement at ultimate is below 
yielding. 
if p > Pb > sh' 	s = 
if sh > b' 	5 > f, at ultimate. 
The ultimate curvature can be calculated from a consideration 
of the distribution of stresses shown in Figure 5.2(c). 
C 
= 	S 	U 	 ... (5.23) 
d 
where for condition (1) 
Cs = 
If  s 
 E S 
and condition (3) 
S 
C = C + 
S 	S 	 E ' 
S 
The steel stress, f, for a beam without compression steel 
can be obtained from equation (5.19). 




where 	x = b av 
yy 
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The values of e0 ,C and fav S are obtained from equations 
(4.9), (4.10) and (4.21), and adopted for the computations of 
moment and curvature at various stage, viz 
Co. = 9 x io 
Cu =. 7.5.x 
C 	 C 
I 	'-' and 	av = f c ç 1.0(' 
The moment curvature characteristics for beams framing into 
the joint can thus be obtained from the relationships developed 
1n this section, from which the load deformation response can be 
evaluated by establishing the distribution of curvature along 
the member. 
The moment curvature values for the beams of various model 
specimens are shown in Tables (5.2) and (5.3). 
5.3 	MOMENT CURVATURE RELATIONSHIP FOR CONFINED SECTIONS 
It has been discussed in Chapter 4 that the average stress 
of the compressive block and the ultimate strain are influenced 
by the confinement provided by the transverse reinforcement. 
In the previous section expressions were derived to represent 
the ultimate strength of unbound flexural sections. 	These 
expressions can be modified to include the effect of an increase 
TABLE 5.2 MOMENT AND CURVATURE AT YIELD STAGE 
YIELD MOMENT kN mm 
f I P 	 r f 	Computed - 	 M (Meas.) 
SPECIMEN 	Nmm  C 2 	- (%) 	
b (%) 	
.V -4 	Computed 	Measured 
1 N/mm 	y 	 M, (Comp.) 
(JOINT) mm' 
NN 1 30 10 1.28 1.41 1.44 0.212 2829 2880 1.018 
NN 2 30 20 1.28 1.41: 1.44 0.212 2829 2940 1.039 
NN 3 30 30 1.28 1.41 .• 	1.44 0.212 2829 2850 	. 1.007 
NN 4 30 40 1.28 1.41 1.44 0.212 2829 2790 0.992 
NN 5 30 50 1.28 1.41 1.44 0.212 2829 2760 0.976 
NN 6 .30 60 1.28 1.41 1.44 . 0,212 2829 2760 0.976 
NM7 30 10. 1.28 4.53 1.44 0.212 2829 2880 1.018 
NM8 30 10 1.28 3.92. 1.44 0.212 	. 2829 2850 1.007 
NM9 30 10 1.28 3.14 1.44 0.212 2829 2820 0.997 
NM10 30 10 1.28 2.01 1.44 0.212 2829 2820 0.997 
NO  50 1.28 :4,53 1.44 0.212 .2829 2760 0.976 
NO12 30 •. 	50 1,28 3.92 1.44 0.212 2829 2760 0.976 
NO13 30 50 1.28 3.14 1.44 . 	 0.212 2829 2760 0.976 
NO14 30 50 	. 1.28 2 . 01 1.44 0.212 2829 2910 1.029 
NP 15 30 10 0.72 1.41 1.44 0.190 1637 1650 1.008 
NP 16 30 10 2.00 1.41. 1.44 0.236 4310 4200 0.974 
NP 17 30 10 2.55 1.41 1.44 0.254 . 	 4312 5260 0.972 
NP18 . 	 30 10 2.99 	. 1.41 1.44 0.267. 6281 	. 5760 	. 0.917 
continued 
Table 5.2 (continued) 
f I 	p 	 r f 	Computed 	
YI E LD . MOMENT kN 	M (Meas.) 
SPECIMEN 	N'mm2 	
V (%) 	b (%) 	PC (%) 	
V -4 Computed 	Measured 
Vu . . N/mm 	 M (Comp.) 
(JOINT) 	mm . 	
. 
NQ19 30 60 0.72 1.41 1.44 0.190 1637 1680 1.026 
NQ20 30 60 	. 2.00 1.41 1.44 0.236 4310 4200 0.974 
NQ 21 
30 60 2.55 1.41 1.44 0.254. 5412 5160 0.953 
NQ 22 30 60 2.99 1.41 1.44 0.267 6281 5690 0.906 
NR23 30 10 	. 2.99 3.14 1.08 0.267 6281 5880 0.936 
NR24 30 10 2.99 3.14 0.86 0.267 6281 5820 0.927 
NR25 30 10 2.99 3.14 0.43 0.267 6281 5760 0.917 
NR26 30 10 . 	 2.99 3.14 0000 0.267 6281 5760 0.917 
NS 27 30 10 1.28 1.41 1.44 0.212 2829 2700 0.954 
NS 28 30 10 	. 1.28 1.41 1.44 0.212 2829 2730 0.965 
NS 29 30 10 1.28 1.41 1.44 0.212 2829 2700 0.954 
NS 30 30 10 1.28 	. 1.41 1.44 0.212 2829 2760 0.976 
NT 31 40 50 .1.28 1.41 1.44 	•. 0.204 2857 2910 1.018 
NT 32 35 50 1.28 1.41 1.44 0.207 2846 2850 1.000 
Nt33 25 50 1.28 1.41 1.44 0.217 2812 	. 2790 0.992 
NT34 20 50 1.28 1.41 1.44 	. .0,225 2790 2700 . 	 . 	 0.968 
TABLE 5.3 MOMENT AND CURVATURE AT ULTIMATE STAGE 
f 	Computed ULTIMATE MOMENT kN mm 
SPECIMEN 	
2 b () 	Pc (%) 	
Vy 
x io 	 . 	 Mm  (Meas.) N/mm 	u 	 N/mm 	' 	 Computed Measured 	S 
	
(JOINT) mm- I 	 Mu  (Comp.) 
NN  30 10 1.28 1.41 1.44 1.847 3002 3180 1.059 
NN 2 30 20 1.28 1.41 	. 1.44 1.847 3002 3240 1.079 
NN 3 30 30 1.28 1.41 1.44 1.847 3002 3300 1.099 
NN4 30 40 1.28 1.41 1.44 1.847 3002 3000 1.000 
NN 5 30 . 50 1.28 1.41 1.44 1.847 3002 2970 0.989 
NN 6 30 60 1.28 1.41 1.44 1.847 3002 2940 0.979 
NM7 30 10 1.28 4.53 1.44.. 1.847 3002 3060 1.019 
NM8 30 10 1.28 3.92 1.44 1.847 3002 3090 1.029 
NM9 30 10 1.28 3.14 1.44 1.847 . 	 3002 3210 1.070 
NM10 30 10 1.28 2.01 1.44 1.847 3002 3270 1.089 
N0 11 30 	. 50 1.28 4.53 1.44 1.847 3002 2790 0.930 
N012 30 	. 50 1.28 3.92 1.44 1.847 	. 3002 2820 0.939 
NO 13 30 50 1.28 3.14 1.44 . 	1.847 3002 2910 0.969 
N014 30 50 1.28 2.01 . 	 1.44 1.847 3002 3060 1.019 
NP 15 30 10 0.72 1.41 1.44 2.010 1980 2040 1.030 
NP 16 30 10 2.01 1.41 1.44 .1.186 4490 4500 1.002 
NP 17 30 10 2.55 	. 1.41 1.44 0.929 5532 5275 0.954 
NP 18 30 10 2.99 	. 1.41 1.44 0.794 6301 5775 0.917 
continued 
Table 5.3 (continued) 
f• P rV  f V 
Computed 
ULTIMATE MOMENT 	Bmm 
SPECIMEN 2 N/mm P u 	
(%) PC 	(%) N/mm x 	
iij 
''u Computed Measured 
Mm  (Meas.) 
(JOINT) rrim' M, 	(Comp.) 
NQ 19 30 60 0.72 1.41 1.44 2.010 1980 2010 1.015 
NQ20 30 60 2.01 1.41 1.44 1.186 4490 4400 0.979 
NQ 21 30 60 2.55 1.41 1.44 0.929 5563 5175 0.930 
NQ 22 30 60 2.99 1.41 1.44 	. 0.794 6301 5700 0.905 
NR 23 
30 10 2.99 3.14 1.08 0.794 6301 6300 1.000 
NR 23 
30 10 2.99 3.14 0.86 0.794 6301 . 	 6210 0.986 
NR25 30 10 2.99 3.14 0.43 0.794 .6301 5775 0.917 
NR26 30 10 2.99 3.14 0.00 . 	 0.794 6301 5775 0.917 
NT 31 .40 50. 1.28 1.41 • 1.44 2.400 3046 3090 1.014 
NT 32 . 	 35 50 1.28 . 	 1.41 1.44 
2.130 3010 3000 0.997 
NT33 25 50 1.28 1.41 1.44 1.563 2949 2880 	. 0.977 
NT34 '' 20 50 1.28 1.41 1.44 	. 1.259 2878 2730 0.949 
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• in the average stress of the compressive block and equation (5.17) 
can be re-written as 
av' x(l 	) + p' fS(1 - a)]bd 2 	.. (5.25) 
where the average stress of the compressive block for a' confined 
section, 
av"  and the distance of the centroid of the 
compressive block from the extreme compressive fibre, d, are 
obtained from the expressions suggested by Soliman and Yu 40 
and Chan (30) The stress block parameters computed on the basis 
of their investigations are shown in Tables 4.10 and 4.11. 	For 
beams without compressive, reinforcement, equation (5.25) 
becomes : 	• 
Mu. = 'av' x(l• - 	) bd 
as obtained earlier. 
The ultimate moment capacity of the confined flexural 	'S 
section can also be computed by an empirical expression 
• suggestedby.McCo11ister 1 , but - the - present study follows 	 ' 
the approach discussed above. 
However, the most profound effect of the confinement is 
observed on the deformation behaviour of the specimens. 	The 
strain of the concrete at ultimate is greatly influenced by the 
confinements of the section and attempts have been made by 	• 
102 
various investigators to evaluate this effect. 	Chan (30)  
suggested the following expression to compute the ultimate strain 
of a section confined by rectangular ties 
	
= 14600 (C u ' 	Ed 
3 
1/3 
or 	C u ' 	Cu + (
P ) 	 ... (5.26) 
24.45 
where Cu' = ultimate strain of bound concrete. 
The other notations have been described earlier. 
The expression takes into consideration the amount of lateral 
• 	
reinforcement only. 	Corley 22 proposed an expression which 
includes the strength of the lateral reinforcement and a 
parameter defining the size-effect. 	If the yield stress of the 
lateral reinforcement, 
ivy' 
 is expressed in F'1/nim 2 , Corley's 
expression can be written as : 
• 	
b 	p"f 
C ' = 0.003 + 0.02— + ... (5.27) 
U. 	 Z 
140. 
where z = distance between points of zero and maximum moment. 
Soliman and Yu (40 conducted an experimental investigation 
on the stress-strain relationship of confined concrete and derived 
the following expression to represent the strain at ultimate 
103 
	
tu 	0.003(1 -i- 0.8 q") 	 ... (5.28) 
The parameter q", as mentioned in Chapter 4, defines the 
effectiveness of the transverse reinforcement. 
The expressions represented by (5.27) and (5.28) assume a 
lower limit of ultimate strain of 0.003 for-concrete with a 
small amount - of- binding., 	In.Chapter4, it was discussed that ­  
the ult'imate strain of unbound concrete is not constant and 
varies with the concrete strength. 	Thus, it would be 










and 	 C ' 	= e(l 	0.8 q") 	 . 	... (5.30) 
Thus, the three relationships represented by equations 
(5.26), (5.29) and (5.30) are of similar form, in the sense 
that the ultimate strain of a confined section is represented . . 
as the sum of the ultimate strain of the unconfined section 
plus an increase due to confinement. 	The value of e
u in the 
above expressions is obtained from equation (4.10) in the 
present analysis. 
The comparison of the values of ultimate strains obtained 
from the three equations for the beams of the specimens. of the 
104 
'NS' series is provided in Table 5.4. 
The curvature of a confined section can thus be calculated 
from the following expression 
E l 
= 	 ... (5.31) 
Xd 
V 
P fsY  where 	V 	x d = 	 V V 
V 
av 
The average stress of the compressive block, 
av'  can be 
obtained from the expressions- represented by equation (4.26) and 
(4.27) and shown in Tables 4.10 and 4.11. 
It becomes evident from Table 5.4 that the expressions 
suggested by the three investigators present quite different V 
values for the ultimate strain of bound concrete. 	The 
V 
 expression proposed by Soliman and Vu suggests that the effect 
of reducing the spacing of the transverse reinforcement is more 
profound than expressed by the relationships proposed by Chan, 
and Corley. The ultimate strain, c e ', is the main parameter 
for computation of the curvature of a confined section as 	
V 
indicated by equation (5.31). 	It is therefore desirable that 
V 
the curvature of a confined section is computed by several 	
V 
relationships and the deformation of the structural member 
evaluated from.the$Vecomp Vutations compared with the experimental 
results. 	It is 'evident that the values of ultimate strain V 
TMI c r, Li 	111TTMATP qTPATN flF 1flNFTNF1) SFTTTflNS 
CORLEY'S EXPRESSION (EQN 5,29). CHAN'S EXPRESSION (EQN 5.26) SOLIMAN AND VU'S EXP, (EQN 	5.30) 
C u 
' f 	Nmm 
vy. ' 




lI f 	I av Cu 
0.002 0.0074 242 0.00836 0.0074 0.846 f 0.0112 0.864 0.810 f 0.0054 
0.002 0.0148 242 0.00885 0.0148 0.904 fc 0.0133 
0,2766. 0.936 0.0103 
0,0032 0,0167 272 0.00925 0.0167 0.920 f 0.013.7 1,236 0.838 f 0.0064 
0.0032 0.0333 272 0,01231 0.0333 1.050 f 0.0163 3.489 0.977 f 0.0121 
TABLE 5.5 MOMENT AND CURVATURE FOR A CONFINED SECTION AT ULTIMATE STAGE 






















NS27 30 10 1.28. 1.41 0.0074 2977 3060 1.028 4.976 6.97 3.22 
NS 28 30 
10 1.28 1.41 0.0148 • 3026 3090 1.021 5.267 8.83 7.05 
NS 29 30 10 1.28 1.41 0.0167 3002 3120 1.039 5,505 9.23 3.91 
NS 30 30 10 1.28. 1.41 0.0333 3026 3300 1.090 7.327 12.54 8.69 
* 	The depth ofneutral axis xd  is assumed to be 0.16 d for all sections 
obtained from Chan's expression are substantially higher than 
those suggested by the other two investigators. 	Nevertheless, 
the curvature for a confined section was computed on the basis 
of the expressions suggested by Corley, Chan and Soliman and Vu. 
Another parameter which is required for the computation of 
curvature is the depth of neutral axis, xd,  and this was 
assumed to be equal to 0.16 d for Corley's case. The stress 
blockparameters. for the other two cases are obtained from 
Chapter 4, Tables 4.10 and 4.11. 	The moment curvature values 
for the specimens of the 'NS' series are shown in Table 5.5. 
5.4 	COMPARISON WITH TEST RESULTS 
For experimental evaluation of curvature, strain measure-
mentswere recorded along the depth of the beam sections at the 
critical regions. 	Demec points were fixed on both sides of the 
beams at five levels from the extreme compression side to the 
level of the centroid of the tension reinforcement. 	Significant 
points regarding instruments are discussed in Chapter 2añd the 
gauge point locations are shown in Figure 2.6. 	The depth of 
neutral axis and the curvature can be computed at any loading 
stage from a knowledge of the strain distribution as shown in 
Figure 5.5. 
The strain readings at initial - load stages were too small 
and often no change was recorded during the initial load stages 
at level 2-2, 3-3. 	These readings were not considered reliable 
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TENSILE STRAIN 	: 
FIGURE 5.5 	TYPICAL STRAIN DISTRIBUTION IN BEAMS AT 
DIFFERENT LOAD STAGES 	
: 
For the cracked elastic regions the strain distribution obtained 
gave results quite near to the computed results, but usually 
on the hi-gher side- 	Eiectrtcrresistance  type strain gauges 
were also mounted on the tensile reinforcement in the beams. 
'UI. 
in order to evaluate the strains and the elastic and inelastic 
stages. 	But at higher loads the readi -ngs of strains in the 
tensile reinforcement obtained from electrical strain gauges 
and the corresponding surface strains measured by.demec gauges 
gave different ahdcatteredresult that it was difficult to 
obtain any reliable information. 	In the inelastic.-region the 
measurement of the surface strains is greatly affected by 
formation 'of cracks between the demec points. 	The assumption 
of linear strain distribution is no longer valid atthe higher 
loads and the surface strains cannot be regarded as a true represen-
tation of the internal behaviour of the concrete. 	The strain 
: distribution obtained on the basis of the strains in the tension 
reinforcement can be regarded as being more reliable provided 
that the bond betweèn.the steel and the concrete remains perfeát, 
which,definitely will not be a correct assumption for all 	- 
loading stages. - Thus, it is 'desirable that the load. deformation 
response of a member is evaluated on the, basis of theoretically 
established moment curvature relationships and compared with 
experimentally measured displacements at the various sections. 
This will be dealt with in the next chapter (Chapter 6.). 
However,the range of variation of the computed and measured 
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FIGURE 5.6 	COMPARISON OF MEASURED AND COMPUTED MOMENTS AT CRACKING STAGE 
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FIGURE 5.7 	COMPARISON OF MEASURED AND COMPUTED MOMENTS AT YIELD AND ULTIMATE STAGES 
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DEFORMATION RESPONSE OF TEST SPECIMENS 
6.1 	INTRODUCTION 
This Chapter deals with the general analysis of test data 
for evaluating the load deformation behaviour of test members 
under the influence of various parameters. 	Since the number of 
specimens tested to study the influence of various parameters is 
quite great to permit a discussion on the individual performance 
of each specimen, only those results are reproduced here which 
revealed some specific effect on the general behaviour pattern 
of the specimens under the influence of a specific parameter. 
The Chapter also deals with thetheoretical analysis of pre-
yield and post-yield deformation behaviour and the values obtained 
are compared with experimental results. 	Various aspects of the 
curvature distribution and inelastic rotations are also discussed.. 
6.2 	FORCE DEFORMATION BEHAVIOUR 
The deformation response of a beam-column joint is a 
function of the deformation of the beams and the deformation of 
the column region. 	Numerical analysis procedures have been 
proposed by certain investigators 24 ' 73 to evaluate the strain 
distribution in a section subjected to longitudinal bending 
moments and axial loads. 	Yamashiro 15 proposed a method to 
evaluate approximately the curvature in a joint region subjected 
to bending, shear and axial loads on the basis of measured strains 
109 
- in the tensile and compressive reinforcement. 	The analysis of 
deformations in a joint region subjected to bi-axial bending is 
highly complicated and a short column was purposely adopted in 
this study so that its contribution to the deformation response 
of a model specimen was relatively insignificant. 
In practice, a reinforced concrete frame is designed so 
that hinging always occurs in a beam section. 	The specimens 
of this investigation were designed to fulfill this requirement 
except for a few specimens of the 'NP' and''NQ' series in which 
the reinforcement ratio in the beams was varied so that the 
consequences of a gradual shift of hinging from the beam to the 
column section could be studied. 	Thus the deformation behaviour 
of the model specimens can be regarded mainly as a function of 
the deformation response of the beam sections. 
6.2.1 Curvature Distribution 
The analysis given in Chapter 5 makes it evident that a 
unique relationship exists between moment and curvature at a 
specified stage. 	It is thus expected that in a prismatic 
member with constant area of reinforcement the variation of 
curvature along the span is uniform and as such the curvature 
distribution diagram should also follow the typical moment 
curvature relationship shown in Figure 5.4. 	The assumed 
curvature diagram is illustrated in Figure 6.1 	The 
theoretical evaluation of displacements on the basis of the 
— a 
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FIGURE 6.1 	THEORETICAL DISTRIBUTION OF MOMENT AND CURVATURE 
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assumed curvature distribution is carried out in the given sections 
and the computed results will be compared with experimental 
results to study the validity of the approach. 
The relationships between moment and curvature at various 
stages developed in Chapter 5 was based on the assumption that 
the distribution of strains is linear over the depth of the 
section. 	In a beam-column joint, a large part of the deflection 
at the inelastic stage is due to a concentrated angle change at 
the critical section. 	Thus, the accuracy of the strains 
estimated at this stage on the basis of a linear distribution 
becomes rather doubtful. 
The occurrence and spread of further cracking in the tension 
zone of a flexural member at later loading stages results in 
the loss of bond between the steel and the concrete. 	The 
concrete strain distribution along the top face and the steel 
strain distribution do not follow a uniform pattern at this 
stage. 	This was found by Burns (13) for the model beam-column 
joint, shown in Chapter 1 (Figure 1.4(c)). 
If the distribution of-strains is linear, the values of 
curvature at a section computed on the basis of concrete 
strain or steel strain should be the same. 	The strain 
distributions for the concrete and steel at this stage indicated 
some spread of the peak value near the critical section. 	Thus, 
to compute the angle change at the joint and the displacement at 
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a specified section, a suitable curvature distribution should be 
adopted. 	The spread and' distribution of curvature has been 
studied by various investigators and the results obtained by 
them were reasonably accurate. 	The same approach will be 
adopted in this section 'for evaluation of the displacement. 
6.2.2 Analysis at the Cracking Stage 
The behaviour up to the formation of a crack in the tensile 
zone is essentially elastic and the curvature distribution 







and 	Acr = 
(PL) 	
.L 	.?L = 	( 6.2) 
EI 	2 3 	' 3 EI 
where , 
	
= 0.65 /? 	N/mm2 
The value for the modulus of elasticity of concrete is obtained 
from Chapter 2 (Table .2.2).  
The load and deflection are thus obtained from equations 
(6.1) and (6.2). 	The P-ti relationship at cracking can thus be 
considered to be a function of the concrete strength and 
sectional properties. 	In certain cases, the cracking load 
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observed was less than the computed value. 	This is due to the 
fact that some minor shrinkage cracks may sometime be present at 
the beam-column interfaces and further cracking occurs as an 
extension of these cracks. 
6.2.3 	Analysis at the Yield Stage 
The factors which influence the computation of curvature at 
a critical section were discussed in Section 52. 	The 
curvature near the beam-column interface was computed from 
strains measured along the depth of the section. 	However, it 
was not possible to measure the distribution and spread of curvature 
into the joint region as the width of the beams and column 
section was not the same. 	McCollister (11) and Burns (13)  
suggested that an equivalent curvature distribution as an 
approximation to a real distribution may be adopted for the 
purpose of analysis. 	The agreement observed between the 
computed and experimental results proved the validity of their 
assumption. 	The effect of the width of the column stub on the 
spread-and distribution of curvature was investigated by 
Ernst 02 . 	The approach adopted in this analysis is based on 
these investigations. 
The deflection at the yield stage can be obtained from the 
simple distribution shown in Figure 6.2(b)0 	Thus the 
deflection at .the free end (section XX' in the figure) of a beam 




	 ... (6.3) 
The displacements obtained from this expression were 
compared with measured displacements at similar sections and a 
good agreement was observed. 	However, in the specimens of the 
'NP' and 'NQ' series, in which the tensile reinforcement was 
increased gradually, it was observed that the ratio of measured 
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FIGURE 6.2 	CURVATURE DISTRIBUTION AT YIELD 
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In specimens NP 171  NP181 NQ21 and NQ22 , the beam sections were 
much stronger than the column section and under the influence 
of axial column load and bi-axial moments the hinging shifts 
from the beam to the joint region. 	The cracking at the joint 
region in these specimens appeared well before yielding of the 
tension reinforcement in the beams, especially in NP 17 and NP18 . 
This resulted in a spread of the curvature and a shifting of the 
centre of rotation of the beams into the joint region. 	Thus, 
the displacements of these specimens could be then predicted 
from curvature distribution shown in Figure 6.2(c). 
However, the measured displacements at ultimate in these 
specimens were lower than the computed values as discussed later 
in this Chapter. 
6.2.4 Analysis at Ultimate Stage 
The computation of deformation at the inelastic stage 
involves the assumption of suitable curvature distribution at 
the critical section. 	The distance of the section where the 
yield moment is present in the beams (termed as the 'yield 
section' in the subsequent discussion), from the beam-column 
• interface depends upon the relative magnitudes of the yield 
and ultimate moments of the section and is thus a function of 
several parameters such as the amount of tensile reinforcement 
in the beam, the concrete strength and the confinement provided. 
It is reasonable - to assume that the distribution of curvature 
from the yield section to the beam-column interface is linear, 
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as indicated in Figure 6.3(a). 	But the spread of additional 
curvature 4(= 	- 
	
i. n the joint region cannot be measured 
experiment ally and it becomes necessary to assume some 
theoretical equivalent distribution to predict the 
displacement with this approach. 
6.2.4.1 : Computations of Ultimate DispZacements by Burns' Method 
Burns 3 suggested certain methods for computing the spread 
and area of the curvature distribution. 	As it has already been 
mentioned that he adopted a simply supported beam model with a 
column stub to simulate a beam-column joint, it would be 
interesting to compute displacements by his approach and compare 
the two model systems. 	The method as applied to the present 
analysis will be discussed in this Section. 
This method essentially relates the measured displacements. 
with the theoretically computed curvature. 	The displacement, 
- 	beyond yield,is a function of the area of the 
additional curvature, i4, spread between the yield section and a 
half width of the joint region as shown in Figure 6.3(b). 	If 
the centroid of this area is assumed to be at the beam-column 
interface, no significant error is introduced. 	The increase 
in the inelastic displacement beyond yield, L? 1 , can be 
represented as 
Ap = K5(( 	)Lb 	
. 	
... (6.4) 
co uI fe 
L 
(b) 	Lp =zSc+LP)WLb 
(C) 
I.; 












Lb 	 1 
(4) Ap E(lZLb(hc4-tp)+4-hc2 ) 




displacement beyond yield (& - 
curvature beyond yeild (& - y) 
U.
shape factor determining the area of the 
equivalent curvature diagram 
distance of the yield section-from the 
beam-column interface.= Lb(l -.i 	) 
depth of the column section 
Thus 
 hr  +Z)L 	•. 
Burns suggested that the shape factor, K,  should be 
obtained using measured values of displacement, L, beyond yield 
and computed values of curvature, 	beyond yield. 	The shape 
factor, K,  can be regarded as a function of the. distance 
between the yield section and the interface(.).. The 
following linearized relationship was obtained from the measured 
displacements of this programme. 
K5 = ( 1.05 - 0.0055 Z p 
	
> 0.8  
The displacements computed from equation (6.4) using values 
of the shape factor, 	from equation (6.6) are shown in 
Table 6.1. 	The results predicted by this approach are reasonably 
accurate, 	However, the relationship obtained is not the same as 
that obtained by Burns for his model system. 	The values,- of 
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shape factor obtained by. Burns -varied between 0.49 to 0.87 while 
in this programme the variation was between 0.8 to 1.045 
indicating that the displacement of a flexural member is larger 
for a beam-column joint subjected to bi-axial bending than for 
a simply supported beam with a stub model system. 	This 
indicates the beneficial effect of the confinement provided by 
two beams to the joint region. 	It may be indicated that the 
shape factors obtained by the above relationship were equally 
applicable to confined sections also. 	The shape factors 
obtained in certain cases exceeded even 1, which indicates that it 
will-be realistic to assume that in certain cases the spread of 
curvature beyond yield covers the joint region beyond its half 
-width. 
The second method suggested by Burns attempts to establish 
a relationship between measured displacements and computed 
curvature at -ultimate assuming ,a rectangular equivalent 
curvature distribution in the-region. - The computed spread 
length was found to be a function of the reinforcement ratio 
...'.inthe-beams..:Itmay,.however,:be indicated that the-spread 
length will definitely be a function of some other .  parameters 
also and these are examined in this -programme. 	It is possible 
--toestablish a-relationship between the spread length and these. 
parameters, but there is no special advantage in following 
this approach over the method discussed earlier and as such, - 
this method is - not- dealt - with -- here. 	The ultimate displacements -: 
computed by Burns' - first method are shown in Table 6.1.-- 
TABLE 6.1 	ULTIMATE DISPLACEMENTS COMPUTED BY BURNS' METHOD 
SPECIMEN 	' 2 	a 	
r 	h 	
K 	
x 10 	mm 	mm 	(Meas.) 
N/mm ç (°) 	b(°) 	 N/mm2 T P 	
S mm 	Computed .Measured 	L (Comp.) 
MM 
NN1 ' 	30 	10 	1.28 	1.41 	1.44 	67.29 	0.955 	1.6350 	3.788 	
4.000 	1.056 
NN 2 '30' 20, 1.28 1.41 1.44 67.29 0.955 1.6350 	3.788 3.900 
1.030 
NN 3 I 	30 	30 	1.28 	1.41 	. 1.44 	67.29' 	0.955 	1.6350 . 3.788 	3.750 	0.990 
NN4 30 ' 40 1.28 1.41 1.44 67.29 0.955 1.6350 	3.788 3.720 , 0.982 
NN 5 	30 	50 	1.28 	1.41 	1.44. 	67.29 	0.955 	1.6350 3.788 	3.700 	0.977 
NN6 30 60 1.28 1.41 . 1.44 67.29 0.955 1.6350 	3.788 3.600 
0.950 
NM7 ' 	30 	10 	1.28 	4.53 	1.44 	67.29 	0.955 	1.6350 3.788 	3.650 	
0.965 
NM8 30 10 	' 1.28' ' ' 3.92 1.44 67.29 0,955 1.6350, 	3.788 ' 3.725 0.984 
NM9 	30 	10 1.28 	3.14 	1.44 	.67.29 	0.955 	1.6350 	. 3.788 	3.750 	0.991 
NM10 30 ' 10 	1.28 2.01 ' 1.44 ' 67.29 0.955 1.6350, 3.788 3.850 1.017 
NO11 	30 	50 1.28 	4.53 	1.44 	'67.29 	0.955 	1.6350 	3.788 	3.950 	1.043 
NO 12 30 ' 50 	1.28 3.92 1.44 67.29 0.955 , 1.6350 3.788 3.850 1.016 
NO13 ' 	30 	50 1.28 	3.14. ' 1.44 	67.29 	0.955 	1.6350 	3.788 	3.780 	
0.998 
NO14 30 50 	1.28 ', 2.01' 	1.44 67.29 0.955 1.6350 3.788 3.700 0.977 
NP 15 	30 	10 0.72' '' 1.41 , 1.44 	101.97 	0.800 	2.0100 	5.488 	6.200 	1,130 
NP16 30 10 	.00 	1.41 	1.44 62.03 	0.984 0.9498 2.448 2.400 0.980 
NP 17 	30 	, 10 .2.55 1,41 1.44 	56.51 1.014 , 0.6754 	1,922 	'1.750 	' 	0.910 
NP 18 30 10 	2.99 	1.41 	1.44 50.95 	1.045 	0.5266 1.641 1.450 0.884, 
continued 
Table 6.1 (continued) 	 . 	 . 
SPECIMEN 	 .. 	+ 	
K 	
x io 	mm 	mm 	(Meas.) 
N/mm2 	U 	 N/mm 2 mm P 
(%) 	Pb() 	
mm-1 . 	Computed 	Measured 	
(Comp.) 
NQ 19 30 60 . 	0.72.1.41 1.44 101.97 0.800 2.0100 5.488 6.400 1.167 
NQ20 30 60 2.00 1.41 1.44 	. . 	 62.03 0.984 0.9490 2.440 2.300 0.924 
NQ21 30 60 2.55 1.41 1.44. 56.51 1.014 0.6754 1,922 1.650 0,858 
NQ 22 30 60 2.99 1.41 1.44 50.95 1.045 0.5266 1.641 1.320 0.804 
NR23 30 10 2.99 3.14 1.08 50.95 1.045 0.5266 1.641 1.650 1.005 
NR24 30 10 2.99 3.14 0.86 50.95 1.045 0.5266 1.641 1.580 0.963 
NR25 . 	 30 10 2.99 3.14 0.43 50.95 1.045 0.5266. 1.641 1.400 0.853 
NR 30 10 2.99 . 	 3.14 0.00 50.95 1.045 .0.5266 1,641 1.350 0.823 
NT31 . 40 50 1.28 1.41 1.44 68.61 0.940 2.0200 . 	 4.551 •. 	5.000 1.099 
NT32 35 50 1.28 1.41 1.44 66.91 0.957 1.9230 4.314 4.200 0.974 
NT 33 25 50 1.28 1.41 	
: 1.44 63.94 0.973 1,346 3.164 3.000 0.948 
NT 34 20 
50 1.28 1.41 1.44 59.17 1.000 1.034 2.510 .2.350 0.936 
• 	 It is evident from - Table 6.1 that the shape factor, K 59  
was approximately equal to 1 for most of the model specimens 
tested in this programme. 	It should thus be possible to predict 
the displacements if the distribution of curvature beyond 
yield is assumed to be rectangular and covering half the width of 
the joint region as illustrated in Figure 6.3(c). 	This 
distribution can be approximated to the shape shown in 
Figure 6.3(d)0 	According to this distribution pattern, the 
displacement L, beyond yield, can be obtained as 
r 
	
= 	(12 Lb(hc +)+3h 2 y 	 ... (6.7) 
and 	
u = 
6.2. 4.2 : Computations of Ultimate Displacements by Proposed 
Method 	• 
Another distribution of curvature maybe assumed according 
to the observed cracking pattern in the joint region at the 
inelastic stage. 	The appearance of cracking in the joint 
'region first occurred' usually at the junction of the column and 
the tension side of the beam, which moved into the joint region 
• 	with subsequent application of moments on the beams. 	The 
final cracking pattern, the spread and the direction of cracking 
was influenced by various parameters, but the general trend of 
the extension of cracking followed the diagonal towards the 
opposite corner and as such a theoretical, distribution' of 
curvature beyond yield may be assumed as shown in Figure 6.3(c). 
TABLE 6.2 ULTIMATE DISPLACEMENT COMPUTED BY PROPOSED METHOD 
f 	I P f vy 






(%) PC 	(%) 
p 	
-1 mm . . (Comp.) (Meas.) A (Comp.) 
NN 1 30 10 1.28 1.41 1.44 1.6350 3.149 3.785 4.000 1.057 
NM 2 30 20: 1.28 1.41 	. 1.44 1.6350 3.149 3.785 3.900 . 	1.030• 
MN 3 30 30 1.28 1,41 1. 44 1.6350 3.149 3.785 3.750. 0.990 
• 	NN4 30 40 :1.28 1.41 1.44 1.6350 3.149 3.785 3.720 0.983 
• NN 5 	•• 30 50 1.28 1.41 1.44 1.6350 3.149 3.785 3.700 0.978 
NN6 . 30 60 1.28 1.41 	• 1.44 	. 1.6350 3.149 3.785 3.600 0.951 . 
NM 7 : 	. 30 10 1,28 453 1.44 1.6350 3.149 3.785 3.650 0.964 
• 	NM8 • 30 .10 1.28 3.92 	• . 	1.44 1.6350 	.. 3.149 3.785 . 	3.725 0,984 
NM9 30 	•. 10 1.28 3.14 1.44 1.6350 3.149 3.785 3.750. 0.991 
NM 10 30 10 1.28 2.01 1,44 1,6350 3.149 3.785 3.850 • 	1.017 
NO11 	. 30 50 1.28 4.53 	.. 1.44 1.6350 3.149 3.785 3.950 1.043 
NO 12 30 . 	50 1,28 392 1.44 1,6350 3.149 3.785 . 	3.850 • 	1.016 • 
NO 13 30 • 	50 1.28 .3.14 1.44 1.6350 3.149 3.785 3.780 0.998. 
N0 14 30 50 1.28 2.01 	• 1.44 1.6350 3.149 3.785 3.700 0.977 
NP 15. ,30 10 0.72 1.41 1.44 2.0100 4.9160 5.485 6.200 • 	1.130 
NP 16 30 10 2.00 . 	1.41 1.44 0.9498 1.7540 2.460 2.400 0.976 
NP 30 10 2.55 1.41 1.44 	. 0.6754 	• 1.1915 .1.953 1,750 • 	0.896 




* x A* * mm 
p 
A mm mm (Meas.) 
SPECIMEN 2 N/mm 
- (%) 
. 	P 
Pb 	(%) . 
p 	
-1 mm (Comp.) (Meas.) Au (Comp,) 
NQ 19 30 	' ' 	60 0.72 1.41 144 2.0100 4.9160 5.485 6.400 1.167 
NQ20 30 60 2.00 1.41 1.44 0.9498 1.7540 2.460 2.300 0.949 
NQ21 	. 30 60 2.55 1.41 . 	1.44 0.6754 1.1915. 1.953 1.650 0.858 
NQ22 30 60 2.99 1,41 1.44. 0.5266 0.8850 1.685 ' 1.320 0.794. 
• 	NR23 . 	30 ' 	10 . 1.28 1.41 1.08 0.5266 0.8850 1.685 1.650 0.979 
 30 10 • 	1.28 1.41 086 0.5266 0.8850 1.685 ' 	1.580 0.938 
 30 10 1.28 1.41 0.43 0.5266 0.8850 1.685 1.400 .0.831 
NR26 30 10 1.28 1.41 0.00 • 	0.5266 0.8850 1.685 • 	1.350 0.801 
NT 31 40 50 	• 1.28 1.41 1.44 2.0196 4.2770 4.888 5.000 1.023 
NT32 ' 35 50 ' 1.28 1,41 1.44 1.9230 • 	3.6750 4.295 4.200 0,978 
NT33  
25 50 • 	1.28 1.41 1.44' 1.3460 2.5250 3.177 3.000 0,944 





''u 	.'t y 
• . 
. 
** 	A 	= Au*- u - A 	y• 
• 	
TABLE 6.3 COMPARISON OF COMPUTED AND MEASURED ULTIMATE DISPLACEMENTS . 
Burns' Method Proposed Method 
• 
. 	
mm Au mm A. 	(Meas.) 
mm AU 	(Meas.) 
SPECIMEN VARIABLE 
(Measured) (Computed) A 	(Comp.) (Computed) Au
(Comp.) 
NN1 •, 	4.00 3.788 1.056 3.785 1.057 
MN 2 . ' 	 3.900 3.788 1.030 3.785 '1.030 
MN3 3.750 3.788 0.990 3.785 .0.990 




0.977 • 3.785 0.978 NM 5 
NM 5 . .. 
3.700 , 
3.600 • 3.788 0.950 3.785 0.951 
Mean 0.998 Mean 0.998 
Range 0.95 - 	1.06 Range 0.95 - 	1.06 
NM10 	• CU 3.850 	• 3.788 1.017 3.785 1.017 
NM • 3.750 •• 	• • 3.788 0.991 3.785 0.991 
3.725 3.788 0.984 3.785' 0.984 NM8 







• 	 3.700 3.788 0,977 3.785 • 	 0.977 
NO 13 	' • 	 3.780 	• 3.788 ' 	 0.998 3.785 0.998 
NO12 • . 	 3.850 • 3.788 	' 1.016 	• 3.785 	• 1.016 
NO  E 3.950 , 3.788 • 1.043 • 	 3.785' 1.043 
• 	 • 	 • 	
.. Mean 0.999 	• Mean 0.999 
• 	 •• 	 • ' 	
, 	 ,: , • 	 • Range 0,96- 	1.05 	• Range • 	 0,96 	- 	1.05 
• 	 • 	 , • • • 	 ' ; 	 • continued ... 
Table 6.3 (continued) 
• 	 Burns' Method 	 Proposed Method 
m 	 A mm 	&U-(Meas.) 	
A mm 	Au (Meas.) 
SPECIMEN 	VARIABLE 
(Measured) 	(Computed) 	& (Camp.) 	(Computed) 	A (Camp.) 
NP 15 
6.200 5.488 1.130 5.485 1.130 





1.750 1.922 0,910 1.953 0.896 
I, 
NP , 0 1.450 • 	 1.641 0.884 1.685 0.861 
10 




• 	 • 
2.300 2.448 0.924 2.460 • 	 0.949 
I- 
1.650 1.922 0.858 1.953 0.858 NQ 21 
. 1.320 1.641 0.804 1.685 0.794 NQ22 
Mean 0.957 Mean 0.954 
• 	Range 0.8 - 	1.17 Range • 	 0.79 	- 	1.17 







1.641 0.963 1.685 0.938 
NR 
rW 








Mean 0.884 Mean 0.861 
• 	
• Range 0,82 - 	0.95 	• Range 0.80 - 0.92 
continued 
Table 6.3 (continued) 
Burns' Method 	 Proposed Method 
AU  mm 	
A u mm 	Au (Meas.) 	AU mm 	A U (Meas.) 
SPECIMEN 	VARIABLE 	 - 
(Measured) 	(Computed) 	Au (Comp.) 	(Computed) . , H i 	( Comp) 
NT 31 
5.00 4.551 1.099 4.888 1.023 
NT32 4.200 4,314 0.974 4.295 0.978 
3.000 3.164 0.948 3.177 0944 NT33 
NT 34 8 2.350 2.510 0.936 2.540 0.925 
Mean 0.989 Mean 0.968 
Range 0.93 	- 	1.10 Range 0.92 - 	1.03 
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If this curvature distribution is approximated to the distribution 
shown in Figure 6.3(f), the computed values will not be 
significantly affected. 	Thus, the displacement, A1 , beyond 
yield will be 
= 	(12 Lb (h + 	) + 4 h2) 	. .:. (6.8) 
and 	Au 	+ Ay 
The values of ultimate displacement obtained on the basis 
of equation (6.8) are shown in Table 6.2. 	The results 
obtained from this expression indicated good agreement with the 
computed results. 	The values obtained from two methods are 
compared in Table 6.3. It may also be mentioned that the 
values predicted byequatioris.(6.7) and (6.8) will also be 
approximately the same. 
62.5 Deformation Behaviour of Confined Members 
The displacements at the free ends of the beams with 
confined sections can also be computed by the two methods 
discussed. above. Equation (6.6) is equally applicable to 
confined beams also. 	The values of ultimate curvature, 	, 
for the specimens of the..'NS' series, were computed in 
Chapter 5 and are shOwn in Table 5.5. 	The values of the 
parameter, 4  U , obtained on the basis of the expressions 
suggested by Corley 22 , Chan 30 and Soliman and Yu 40 are 
quite different from each other. 	However, the ultimate 
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displacements were computed by the two methods discussed above 
using the three different values of parameter 	(= 	-
p 
obtained on the basis of the expressions suggested by the 
three investigators. 	These values are shown in Table 6.4 
together with the measured results. 
Specific aspects of the influence of increasing the 
lateral reinforcement in the beams on the failure mechanism 
and the displacement response of a beam-column joint subjected 
to bi-axial bending - will be discussed in Chapter 8. 
6.3 	COMPARISON WITH TEST RESULTS 
The computed and measured values of the moments and the 
corresponding displacement at the free ends of the beams: 
framing into the joint at yield and ultimate stages are shown 
in Tables 5.2, 5.3 and 6.3. 	Appendix 1 summarises all the 
computed and measured results. 	The moment deformation curves 
obtained experimentally for the various test specimens are 
illustrated in Figures 64 to 6.11. 
The measured values of cracking moment for most of the 
specimens were lower than the computed values and varied 
	
between 10 to 25 percent of the maximum moment. 	No 
significance is attached to this fact since usually the tension 
crack at the beam-column interface resulted from an extension 
of minor shrinkage cracking already present there, and this did 
TABLE 6.4 COMPARISON OF COMPUTED AND MEASURED ULTIMATE DISPLACEMENTS OF CONFINED SECTIONS 
y burns 	rienoa 
FROM CORLEY FROM CHAN FROM SOLIMAN 
AND VU 
x 1O (Meas.) x 10 •' (Meas.) 






' 	mm mm mm mm mm m m 
NS 27 0.0074 7.00 0.968 4.764 9.277 9.913 ' 	0.706 6.758 
13.150 13.786 0.508 , 	3.008 '5.857 6.493 1.078 
MS 28 0.0148 12.00 0.943 5.055 10.544 11.180 1.073 8.618 
17.976 18.612 0.645 6.838 14.260 14.896 0.806  
0.0167 9.00 0.955 5.293 10.685 11.321 0.795 9.018 18.205' 
18.841 0.478 3.698 7.465 8.101 1.11.1 
NS 9 
NS 0 0.0333 17.00 
0943 1.115 14.840 15.476 1.098 12.328 25.715 26.351 0.645 8.478 
17.684 18.320 0.928 
By Proposed Method  
FROM CORLEY '. FROM Cl-IAN FROM SOLItN AND 
VU 
1'y 
x io & (Meas.) & x lOT4 t(Meas.) x id ' 	& A(Meas.) 
SPECIMEN , 	'q" (Méas.) 
-1 ' 
(p) -1 mm 




nun nun mm mm m ' m 	, mm 
MS 27  
0.0074 7.00 0.636 4.764 9.000 9.636 0.726 6.758 12.773 
13.409 0.522 3.008 5.685 .6 .321 1.107 
0.0148 MS 28  12.00 0.636 SS 9 908 10.544 1.138 8.618 
16.8 . 91 17 527 0.7 . 99 6 838 13.400 14.036 0.855 
NS29 0.0167 9.00 0.636 5.293 10.194 10.830 0.831 .9.018 '17.369 
18.005 0.500 ' 	3.698 7.122 7.758 1.160 
MS30 0.0333 17.00 0.636 7.115 13.949 14.581 1.166 12.328 
24.163' 24.799 ' 	0.686 8.478 16.617 17.253 0.985 
SPECIMEN NN 1 
= 	
0.1 
S SPECIMEN NN 
- 	0.3 
SPECIMEN NN  
. 
S 	a - 	0.5 -. 
1' 
2 	3 	 1 	2 	3 	 1 2 	3 	4 
Displacement A mm 
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SPECIMEN NM 9 SPECIMEN NM 7 
PC 	=4.53%  
P 
0.1 
0. 	1 	2 	3 	 1 	2 	3 	4 
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FIGURE 6.5(U) MOMENT DISPLACEMENT CHARACTERISTICS OF TEST SPECIMENS 
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FIGURE 6.6(i) MOMENT DISPLACEMENT CHARACTERISTICS OF TEST SPECIMENS 
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FIGURE 6.6(u) MOMENT DISPLACEMENT CHARACTERISTICS OF TEST SPECIMENS 
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not affect the overall performance of a specimen. 	The 
analytical and experimental curves indicated very good agree- 
ment until the yield stage. 	It is evident from Tables 6.3 and 6.5 
that the measured displacement at yield stage at the free ends 
of the beam of the specimens NP 
17' 
 NP 181 NQ21 and NQ22 (with 
higher amounts of tensile reinforcement) and the last two 
specimens of the 'NR' series (with small or no 'lateral 
reinforcement in the joint region) were significantly higher 
than the computed values, while at the ultimate stage, the 
measured displacements were significantly lower than the values 
computed by the 'two methods. 	In these specimens, ultimate 
failure occurred just after the yielding stage. ' All of these, 
specimens indicated an early occurrence of intense cracking 
in the joint region and the hinging also occurred in the joint 
re g i on." 
Another significant observation is related to the specimens 
of the 'NS' series, 	The variation in the lateral reinforcement 
in the beams of this series was achieved in two ways, viz either 
by providing bars with larger diameter or by decreasing the 
spacing between the stirrups. , It is evident from 
Table 6.4 that the effect of increasing the lateral 
reinforcement by decreasing the stirrup spacing is more 	 ' 
profound than by providing bars of larger diameter. 	This 
- 	trend is well represented by the expressions suggested by 
Soliman and Vu and as such have been-adopted for evaluating :' 
the moment deformation characteristics Of the specimens of the 
TABLE 6.5 	PRE-YIELD AND POST-YIELD CURVATURE AND DISPLACEMENTS 
SPECIMEN 
c 	x io 	A (Comp.) 	A. 
y 
(Meas.) 	
p x • 
	
p 
10 A (Comp.) 	A
p 
 (Meas.) 	AU 	 p ( Meas.) 	A (Meas.) 
-1 _ 
mm 	 mm 	 mm 	mm mm 	 mm 	 mm 	A (Comp.) 
NN 1 0.212 0.636 0.635 1.635 3.149 3.365 4.000 5.29 
NN 2 0.212 0.636 0.640 1.635 3.149 3;260 3.900 5.13 
NN 3 0.212 0.636 0.645 1.635 3.149 3.105 3.750 4.88 
NN4 0.212 0.636 0.645 1.635 3.149 3.075 3.720 4,83 
NM 5 0.212 0.636 0.630 1.635 3.149 3.070 3.700 4.83. 
MN6 0.212. . 	 0.636 0.625 	. 1.635 3.149 2.975 3.600 4.68 
NM 7 0.212 0.636 0.650 1.635 .3.149 3.000 3.650 4.72 
NM8 0.212 0.636 0.645 1.635 3.149 3.080 3.725 4.84 
NM9 0.212 0.636 0.645 1.635 3.149 3.105 3.750 4.88 
NM10 0.212 0.636 0.640 1.635 3.149 3.210 3.850 5.05 
NO  0.636 0.645 1.635 , 	 3.149 3.305 3.950 5.20 
N012 0.212 0.636 0.635 1.635 	. 3.149 . 3.214 3.850 5.05 
NO13 0.212 0.636 0.630 1.635 
3.149 3.150 3.780 4095 
NO14  0.212 
0.636 0.625 1.635 3.149 3.075 3.700 4.83 
NP 15 0.190 0.569 0.550 2.010 4.916 	, 5.650 6.200 9.93 
NP 16 0.236 0.709 0.720 0.9498 ' 	 1.7540 1.680 2.400 2.37 
NP 17 0.254 0.761 	' 0.950 0.6754 1.1915 0.800 1.750 1.05 
NP 18 0.267 0.800 1.000 0.5266 0.8850 0.450 1.450 ' 	 0.56 
continued 	... ' 
Table 6.5 (continued). 
x 10 , 	(Comp.) L, 	(Meas.) t 	x 10 i, 	(Comp.) 
r 
* 
'A, 	(Meas.). r 
A u  i 	
(Meas.) 
SPECIMEN -' . 	- 
mm m mm mm mm mm mm A 	(Comp.) 
NQ 19 0.190 0.569 0.560 2.0100 4.9160 5.840 6.400 10.26 
NQ 20 0.236 0.709 0.780 0.9498 1.7540 1.520 2.300 2,14 
NQ 21 0.254 	. 0.761 0.900 	' 0.6754 1.1915 .0.750 1.650 0.99 
NQ 22 0.267 0.800 0.920 0.5266 0.8850 0.400 1.320 0,50 
NR 	. 23 0.267 
0.800 0.820 0.5266 0.8850 . 	0.830 1.650 1.04 
NR24 . 	0.267 0.800 0.840 0.5266 0.8850 0.740 1.580 0.93 
NR 25 0.267 0.800 0.860 0.5266 0.8850 0.540 1.400 0.68 
NR26 0.267 0.800 0.900 0.5266 0.8850 0.450 	. 1.350 0.56 
NS 27 0,212 0.636 0.640 3.008 5.857 6.360 .7.000 10.00 
NS 28 0.212 0.636 . 	0.635 6.838 14.260 11.365 12.000 17.87 
NS 29 0.212 0.636 0.635 3.698 7.465 8.365 9.000 13.15 
NS 30 0.212 0.636 0.630 8.478 . 	17.684 16.370 17.000 25.74 
NT31 	. 0.204 0.611 0,600 2.0196 . 4.277 .4.400 , 5.000 7.20 
NT32 0.207 0.620 0.615 1.923 3.675 3.585 4.200 5.78 
NT33 . 	0.217 0.652 0.640 1.346 2,525 2.360 	. 3.000 3.62 
NT 34 0.225 0.674 •. 	0.700 	. 1.0341 1.866 1,650 	. 2.350 2.45 




'NS' series as shown in Figure 6.10. 	The measured values for 
the specimens NS 27 and NS29 were higher than the values 
obtained from Soliman and Vu's approach but lower than the 
values computed from Corley's expression. 	The number of 
investigations carried out to study the effect of the confine-
ment provided was too small to draw more specific conclusions; 
nevertheless, they indicate a definite trend towards the fact that 
reducing the spacing between the stirrups has a more significant 
effect on the deformation behaviour of flexural members than 
any other parameter. 	It may also be said that the expression 
suggested by Soliman and Vu seems to under-estimate the effect 
of increasing the amount of lateral reinforcement by providing 
bars with larger diameter. 
The expression suggested by Corley under-estimates the 
effect of reducing the spacing between stirrups. 	The values 
obtained from Chan's approach were higher than the measured 
values for all specimens. 	Further research in this field is 
necessary.. before drawing more definite conclusions. 
6.4 ROTATIONAL BEHAVIOUR AND DUCTILITY INDEX 
The rotational capacity of a hinging region in a beam-
column joint is essentially a function of its load deformation 
response. 	The total deformation, A U at the ultimate stage, can 
be regarded as consisting of an elastic component, A
y 
 and an 
inelastic component, %. 
	
The inelastic rotations can thus be 
obtained from the computed or measured values of displacements 
123 
beyond yield. 	In fact, the load deformation response of a member 
can also be represented by its'moment rotation behaviour'. 	The, 
inelastic rotation of a' structural member is also influenced by' 
various test parameters. 	It was shown in Section 6.2.4 that 
inelastic deformations are not concentrated at a section and 
the spread of curvature beyond yield extends along both sides 
of a critical section. 	The estimation of curvature beyond 
yield and its spread into the joint region provides a basis for 
evaluating the moment 	,ation characteristics of a specimen. 
6.4.1 Inelastic Rotations 
Mattock 2 	investigated the effect of various parameters 
on the spread, of plasticity at the critical section in a flexural, 
member.' It was concluded that the spread of plasticity was 
mainly affected by the depth Of the flexural section, the' distance 
between zero and maximum moment and 'the amount of flexural 
reinforcement. 	He indicated that the spread of plasticity at 
ultimate could be expressed in terms of a ratio 	as 
tP = 1 +' (1 14/,' 	l)(1 - 
	
) ) 	... (6.9) 
where 	0tp = total inelastic rotation at ultimate occurring 
between a section of maximum moment and an 
adjacent-section of zero moment 
= inelastic rotation at ultimate occurring within 
a length d/2 to one side of the section of 
	
maximum moment , = 
	 ' 	' 
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z = distance between the section of maximum moment 
and an adjacent section of zero moment 
pf 
q, = tension reinforcement index 
: c If I 
	
q ' = compression reinforcement index 	SY 
q0 = tension reinforcement index for balanced conditions 
= 	° 	
(adopting c = 0.003) 
fc s  
The inelastic rotation 0 is obtained from a consideration of the 
relationship shown in Figure (6.12) as 
= 0u - 
	 ... (6.10) 
in which 	0 	= 
and 	e y
= 
and 	being the curvature at the ultimate and yield stage 
respectively. 	
0tp 
 can thus be computed from equation (6.9) and 
(6.10). 	• 
Corley (22) on the basis of his experimental results 
suggested a simple expression which defines the spread of yielding 
as a function of .the geometry of the member as 
O tp 	
1
0 . 4 z 




FIGURE 6.12 TYPICAL MOMENT ROTATION CURVE 
However; the spread of plasticity in a beam-column joint 
is associated with the distribution of curvature beyond yield 
• into the joint region. 	The value of 0tp 
 can be obtained by 




 Lb (12 Lb(h c + 	) + 4 h2) 	•. (6.12) 
2 
and 	
= (h c + p) + 	h 
d 	3Lbd 
IZb 
o tR 	h 	 h 
= —s (1 + 	+ —s. 	 ... (6.13) 
	
• d 	h c 	3Lb 
M 
where 	zp = (1 
If the ratio of the yield and ultimate momei it M' is 
denoted by i m and.z is substituted for Lb  (since they carry the 
same meaning in the present analysis), the 'above expression can 








• ' 	 • The expression indicates that the spread of plasticity in a 
beam- column:ioint subjected to bi-axial bending can be considered' 
to be a function of the section geometry of the beam and column 
section and the' moment gradient. 	The inelastic rotation in a 
hinging region depends upon the curvature beyond yield which is 
a function of the ultimate compressive strain in théextreme 
• fibre and the neutral axis depth. 	Thus, the concrete 
strength, tensile reinforcement and the confinement provided 
by the lateral reinforcement are the most important parameters 
affecting the inelastic deformations and the spread of , 	• 
plasticity.  
The effect of these variables on the post yield deformation 
and the spread of plasticity and other aspects of joint performance 
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wil.1 be discussed in Chapter 8. 	The importance of spread length 
in the deformationbehaviour has been discussed by Rosenbleuth and 
de Cossio 74 and they have stressed the necessity of adopting the 
moment rotation relationship instead of moment curvature 
characteristics as the basis of any analysis or design. 
6.4.2 Ductility Index and Efficiency Ratio 
6.4.2.1 :.Ductility Index 
The ratio of ultimate rotation to yield rotation at the 
critical sectionof a flexural member is usually termed-as its 
ductility index. 	The ultimate rotation 0 is related to the 
ultimate disp1acementtu  which depends upon several parameters 
besides the assumed distribution of curvature, 	beyond yield. 
Thus, fora beam-column joint, the ratio of the ultimate displace- 
ment, ' 	
and yield displacement, 
'y' 
 may reasonably be adopted as 
an index of ductility. 	Thus-.,-- theoretically, the ductility index,u, 
can be expressed : 
(comp) 
(l + a) 
A (comp) 	 t'y 
However, the values of ductility index obtained on the basis 
of measured results will be better representation for practical 
importance and thus 
Am 
U 	= 	 ... 
y 
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where 	Am = maximum measured displacement 
= theoretical displacement at yield stage 
6.4.2.2 : 'Efficiency Ratio 
The ratio of maximum measured moment to the theoretical 
ultimate moment of a beam section framing into the joint can be 
adopted asà measure of the efficiency of the joint. 	Thus, 
efficiency ratio', n, 'can be expressed as 
Mm 
ii. = W 	,• 
where 	Mm = maximum moment at ultimate 
MU 	theoretical ultimate strength of a beam section 
The: effect:ofv,a'rtables on the strength, efficiency and , 
ductility of the specimens is discussed in Chapter 8. 	 ' 
Appendix 'I summarises the values of efficiency ratio and ductility 
index for various specimens 
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CHAPTER 7 : SHEAR AND BOND CONSIDERATIONS 
7.1 	INTRODUCTION 
The general type of failure of a structural element often 
caused by the combined influence of axial load, shearing forces and 
moments, is usually termed a 'shear failure'. 	It results in 
reduced ductility and a considerable reduction in the strengths 
of the section below the flexural capacity. 	A beam-column joint 
is subjected to multi-directional forces and the strength of 
concrete under combined stresses is an important consideration in 
establishing a suitable criteria for joint failure. 	A full 
consideration of the strength of concrete under a complex state of 
stress is outside the scope of the present discussion. 	However, 
some general aspects of its behaviour relevant to the present 
study are described in this Chapter. 
In a section subjected to axial compressive force, the 
development of cracking in the bond between the aggregate and 
cement paste usually takes place at about 50% of ultimate load. 
The crack propagates with subsequent axial loading until the 
section internally splits into several parts causing an increase 
in the volumetric strain. 	The section then fails either by 
buckling of the compression bars or by shear compression. 
Although the internal crack structure remains stable up to about 
80% of ultimate axial load, the state of the stresses in the 
joint region of the specimens tested at high column loads will be 
different from those tested at low column loads. 
I JU 
The shear transfer capacity of a section is also influenced 
by the occurrence of a longitudinal crack along the steel bar and 
the structural separation of the steel and concrete, referred to 
as a bond failure, greatly reduces the ultimate compressive 
capacity-or the flexural capability of a member. 	This Chapter 
deals with the shear and bond considerations associated with the 
performance of a corner beam-column joint. 	The effect of various 
parameters on the shear strength of the joint is evaluated on the 
basis of experimental observations. 
7.2 	SHEAR TRANSFER AND FAILURE CRITERIA 
7.2.1 Mechanism of Shear Transfer 
The strength and behaviour of a section under combined 
stresses is significantly influenced by the magnitude and mode 
of the shear transmission. 	Several. investigations have been 
carried out and a number of semi-empirical relationships were 
proposed as a result to evaluate the contribution of the various 
modes of shear transmission. 	The joint ASCE-ACI task 
committee on shear and diagonal tension have summarised these 
findings75). . A brief description of the various modes of 
shear transfer relevant to the present study is provided in this 
Section. 
The main types of shear transfer can be enumerated as 
follows : (a) shear transfer by concrete shear stress; 
(b) interface shear transfer; (c) shear transfer by shear 
Ii' 
reinforcement; (d) dowel-action; (e) arch action. 
The forces acting on an inclined crack are illustrated in 
Figure 7.1(a). 
7.2.1.2 : Shear Transfer by Concrete Shear Stress 
This occurs in uncracked concrete sections. 	The inclined 
cracking or crushing failure of concrete is caused by the 
principal stresses which are produced by the interaction of the 
shearing and direct stresses.. A number of theories have been 
proposed to define the contribution of the concrete for shear 
transfer and shall be dealt with later when discussing the 
criteria of failure. 	 - 
7.2.1.2: Interface Shear Transfer 
This occurs when the shear i -s transferred across a plane 
where there is the possibility of slip. 	If the shear is to be 
transferred along an interface or an existing crack the failure 
occurs due to a slip or relative movement and shear in such 
cases can only be transferred by the transverse steel or 
lateral confinement. 	The shear capacity under this situation 
was found to be proportional to the amount of average 
restraining stress, pv vy'  where pv is the transverse steel 
ratio and f 
vy 
 is'its yield stress 76 . 	Since there is a 
similarity between the condition of proportionality in this 
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(c) Truss Formed After Diagonal Cracking 
FIGURE 7.1 	MECHANISM OF SHEAR TRANSFER 
I i 
often termed the 'shear friction hypothesis'. 	MastUfl has 
dealt with the application of this hypothesis to the design of 
reinforced concrete sections. 
The relation between the steel area and the shearing 
force V f S at yielding of the steel (ultimate load) may be 
expressed either in terms of forces -or in terms of stresses as 
Vf = A 	tan 	 ... (7.1) 
or = PV f vy  tan f 	
., (7.2) 




and 	= angle of internal friction determined by tests. 
The stresses and forces at a cracked surface according to this 
approach are demonstrated in Figure 7.1(b). 
However, if the shear is to be transmitted across a plane 
located in the uncracked zone, then failure must involve a truss 
action. 	Diagonal cracks are formed across the shear plane in 
the section at higher loads. 	Failure is resisted by a truss 
action produced by the steel bars and compression between the 
diagonal cracks. 	The failure occurs due to crushing of the 
diagonal strut under the combined action of axial and shear 
forces as demonstrated by Mattock and Hawkins (78)  and illustrated 
Iii 
in Figure 7.1(c). 	The design requirement thus remains that the 
proportioning of the reinforcement should be such that it will 
yield before the diagonal is crushed. 
7.2.1.3 : Shear Transfer by Transverse Reinforcement 
The transverse reinforcement contributes to the transfer 
of shear in two ways : (a) it forms part of the truss and 
facilitates the transmission of shear by truss-action; and 
(b) it restricts widening of the inclined cracks by increasing 
the shear transmitted by some other mode of shear transfer. 
The contribution of the transverse reinforcement to the 
shear transfer on the basis of a truss analogy can be 
expressed by the following relationship 





Av fvy d 
or 	 v5  
bd . S 
or 	 vs = r 
	 ... (7.3) 
where 
	




S, = spacing between two stirrups 
7.2.1.4 : Dowel Shear 
The dowelling force in the bar contributes to the shear 
transfer of a section by resisting the shearing displacements. 
Splitting cracks along the reinforcement are produced by the 
interaction of the tension created by the dowel force in the 
surrounding concreteand the wedging action of the bar 
deformations. 	However, the shear transfer by dowel force is 
not usually dominant. 
7.2.1.5 : Arch Action 
This provides an indirect contribution to the transmission 
:.of shear by tránsférring the vertical concentrated force to a 
reaction in a deep member and as such reduces the contribution 
of other modes of shear transfer. 	This usually occurs in 
members such as deep beams, in which the necessary horizontal 
action is provided by tie action of longitudinal bars. 	This 
may also occur in slabs where the in-plane stiffness of the 
slab adjacent to the punching region of an interior column 
provides the horizontal action. 
7.2.2 Criteria of Failure 
7.2.2.1 : Concrete under Complex State of Stresses 
The shear failure mechanism of a section involves the 
evaluation of- criteria of concrete failure under a complex 
state of stresses and a number of investigations have been- 
134 
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carried out to explain the failure mechanism on the basis of some 
theories of concrete failure. 	The stresses in a section can be 
idealized to a bi-axial state of stresses - assuming that the stress 
in the third direction is zero. 	Some investigators have emphasized 
that the intermediate principal stress does.contribute to the 
strength and mechanism of failure but only limited analytical 
and experimental data is available in this field and this 
mostly related to the compression zone 79 . 	Thus, it is 
reasonable to adopt a failure criterion on the basis of a bi-axial 
state of stress. 	In certain simple states of stressthecracking 
criterion based on the principal tensile stress or principal 
tensile strain theories may be used to predict the tensile 
failure 80 . 
Rosenthal and Glucklich 81 proposed different failure 
criteria for a splitting mechanism, ie, the uniaxial and bi-
axial tension , combined, tension and compression and uni-axial 
compression states of stress and for a shear mechanism, ie, a bi-
axia,l compression state of stress. 	They emphasized the role of 
mean stress and concluded that the critical, tensile strain w'aT. 
directly proportional to the mean stress. 	Kupfer 82 found that 
the strength of concrete under uni-axial and bi-axial tension is 
not altered, but the strength in bi-axial compression is 16% to 
27% higher than its uni-axial strength as shown in Figure 7.2(c). 
However, one of the most accepted criteria of failure is that the 
octahedral shearing stress is a function of the octahedral normal 
83 stress at failure. 	The data of several investigators averaged 
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FIGURE 7.2 	'FAILURE CRITERIA OF CONCRETE 
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by Newman (84) is shown in Figure 7.2(d). 	Ojha 85 adopted an 
approach based on the distortion energy principle and used the 
principle of 'shear rotation' adopted by Morrow (86) which 
assumes that after the formation of the critical shear crack, 
the outer portion rotates with respect to the inner portion 
about a point in the vicinity of the apex of the crack. 
7.2.2.2 : Mohr 's Failure Criteria 
Alternatively Mohr's theory of failure has widely been used 
to predict the strength of concrete sections subjected to combined 
stresses. 	The basic postulate of Mohr's Theory is that failure 
occurs by sliding or splitting along a definite plane of rupture 
within the material and that at failure the shearing and normal 
stresses, -r , and a, in this plane are connected by a unique 
functional relationship: 
T = F (a) 
characteristic of material (87) 
	
The problem thus remains to 
find a relationship between the normal and shearing stresses which 
acting together will cause failure. 
Several investigators 
(88,89,90,91) 
 have adopted Mohr's Theory. 
with certain variations to define the failure criteria under 
combined stresses. 	Zaghlool' 92 utilized the variation of Sheik', 
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FIGURE - 7.3 	FAILURE-CRITERIA OF CONCRETE 
slab joint. 
However, all such relationships derived by these theories 
for a section subjected to the stresses shown in Figure 7.2(b) 
can be represented in the form of the failure envelope illustrated 
in Figure 7.3(b), which includes all the combinations of shearing 
and axial stresses, which cause failure of an element. 
Investigations have been carried out to include the 
effect of various parameters on the shear cracking stress of 
-concrete. under. di.fferent loading conditions and semi-empirical 
formulae have been proposed which are widely used in the analysis 
and design of structural members, as discussed in subsequent 
sections. 
7.2.2.3 	' ACI Provisions 	. 
ACI 318-63 has suggested the following relationship for 
predicting the shear cracking stress, Vcr  of a member under 
flexural compression 
__ 	b V d 





in which the shear cracking stress, vcr  and the cylinder 
strength of concrete, ic''  are expressed in pounds per square 
inch. 	However, if these parameters are expressed in N/tmi 2 ; 
the relationship can be expressed as : 	 : 	. 
Vcr  = 0.16f' + 17. 24 pb V 
	d 
(7.4) 
where Vcr = shear cracking load A 
= reinforcement ratio ( 	) 
d 	effective depth of section 
M 	= applied moment 
The ACI 3 1108-63 provisions are based on the proposals contained 
in report (1) of ASCE-ACI Committee 326, which concluded that both 
the web-reinforcement andthe concrete in the compression zone 
contribute to the shear capacity of a member. 	The contribution 
of the web-reinforcement can be estimated from a consideration 
of the truss-analogy assuming that the web-reinforcement yieldsand 
the diagonal tension cracks are inclined 45 ° to the axis of the 
member as discussed earlier and the contribution of the 
concrete compress ion.zone can be calculated by equation (7.4). 
7.2.2.4 : Statistical Approach 
Zsutty 93 analysed the results of a number of investigations 
and concluded that the above formula has serious imperfections 
as a predictor of the true behaviour of the test results. 	He 
derived the following relationship by employing the techniques 
of dimensional analysis and statistical regression analysis for a 
member with a shear span/depth ratio of 2.5 and vcr  and 
expressed in pounds per square inch, as : 
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Vcr =59 (c %1/3d  
If, Vcr  and f 	 are expressed in N/mm 2 , the relationship can be 
expressed as : 
1/3 
"cr = 2.14 (f - 	
d 
bi 	 ... (7.5) 
z = shear span. 	It may also be mentioned that the shear 
- 
	
	cracking stress, vcrl  will be equal to the shear stress, v, 
carried by the concrete for a structural member under flexure. 
7.2.2.5 : Redan's Avvroach 
Regan (94,95)-  conducted a comprehensive study, which 
included both experimental and analytical investigations and 
proposed the following criterion of failure for a section sub-
jected tobi-axial loading of shearplus relatively high 
compression (Figure 7.3(c)). 
- 	 = C + pa 	 ... (7.6) 
where -r = shear stress on failure plane 
C = 'cohesive' constant 	0.44 
p = frictional coefficient = 0.8 to 1.0 
a = direct stress on failure plane 
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Regan analysed different cases of shear resistance by 
aggregate interlock action, and resistance of a section against shearing 
failure and shear compression failure and - proposed the following 
expression (with the inclusion of a partial safety factor) for 
representing. the shear carried by the concrete 
100 A 	0.33 
	






0.25 (f 	 ... (7.8) 
bd 
However, for a short structural member, the' shear resistance can 
be expressed as  
v 	2d 
Vc - 	Z 
	 (7.9) 
Tay1or 6 found this relationship, which has also , -been 
adopted by CP110, to be too conservative for a beam-column joint 
and suggested the following relationship as a basis of design 
v 	 2d 	 ' 
=+ 
	c , 	
" ... (7.10) 
Vc 	 ab 
I 	 t 
• where 	d = 	effective depth of the column 
ab = 	lever arm of the beam 
Table 7.1 compares the values of the shearing stress, v, 
carried by the concrete obtained from equations (7.5), (7.6) and 
(7.9) for different strengths of concrete and reinforcement 
ratios. 
TABLE :71 	SHEAR CRACKING STRESS OF CONCRETE 	 . 	 S 
Shear Cracking Stress Vcr  N/mm2 
f 'c 2 	 ACI 	
Zsutty 	Regan 
N/mm EQN (7.4) EQN (7.5) EQN(7.8) 
40 0.0128 1.09 1.21 0.92 
35 . 	0.0128 . 	1.02 1.16 0.88 
30 0.0128 .0.95 .• 	1.10 0.83 
25 	. 00128 0.88 1.04 0.78 
20 0.0128 • 	0.79 0.97 	•. 0.73 
30 0.0074 0.92 0.92 . 0.70 
30 0.0200 1.00 1.28 0.97 
30 0.0255 1.03 1.39 	• 1.05 
30 0.0299 1.06 . 	1.46 	• 1.10 
Figure 7.4 illustrates the comparison between the ultimate 
joint shear and the nominal shear stress as adopted. by CP110 
	
(based on Regan's approach). 	The lower bound line shown in 
the figure can be expressed by 
v 	 2d 	
.5 
= 	1.5 + a c 
. 	. ... (7.11) 
C 	 b 	 . 
F 
J 	 - 	 I 
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(b) Ultimate Joint Shear v Compared with Nominal Shear Carried by Concre 
FIGURE 7.4 	SHEAR IN JOINT REGION 
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• 	It is evident that the ratio of vu 
 /v for a bi-axial case 
will be lower than suggested by Taylor 6 . 	The two relationships 
indicate the difference between a joint subjected to uni-axial 
and bi-axial bending. 
However, the joint region is always subjected to some axial 
loads and the shear carried by the concrete is greatly influenced 
by the:level of axial compression. 	It will thus be desirable 
to analyse the shear strength of the joint giving due consideration 
to the effect of axial loading on the shear carried by the 
concrete in the joint region. 	Furthermore, it is probably 
questionable to define any relationship between v/v on the 
basis of the ratio ab/dc,  since such a relationship will depend 
.niain1y.onthe•properties of the beam sections-only. - 
7.3 	SHEAR STRENGTH OF THE JOINT 	 V 
7.3.1 Axial Force and Shear Strength 
The ultimate strength of reinforced concrete members 
subjected to combined flexure, shear and axial force, was 	- -• 
investigated by Mukhopadhyay and Sen 96 . 	They adopted the 
failure criterion suggested by Seth
(97)  for isotropic - 	- V 	 - 
materials, viz : 	 - V 	 - 	 -• - 
(a1 - c 3) - 	 + cr3 ) 	= C2 	- 	• 	- ... (7.12) 
where C 1 and C2 are constants for the material when this criterion 
was applied to the state of bi-axial stresses, the following 
elliptical relationship was obtained 
= 	[0.0484 	0.342 ( 	) - 0.3916 
( f ) 2 ] 
... (7.13) 
where v, fc and f are expressed in kg/cm2 . 
Mukhopadhyay suggested a procedure to obtain the ultimate 
shear f.or.ce.o.fasection under flexure shear and axial forces 
which is based on-successive approximations. 
ASCE-ACI Committee 326 adopted the approach which 
considers the principal tensile stresses at the head of the 
P 
flexural cracks. 	If t ie parameters v, c'  and 	are 
expressed in N/mm2 , the. above relationship can approximately 
be represented as 
V 	 . P 
0.l6 	+-i-7.24 	 03/f' (1 +,O3 	) 	. .... 
M 	 g. 
(7.14) 
where M.=:M_•pa ( 4D_d ) 
8 
Pa-= axial load in Newtons 
Ag = gross area of section, in mm 2 
D 	= total depth of section, mm 
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An expression for representing the shear in axially loaded 
members was proposed by Regan which provides a lower bound on all 
these relationships and can be expressed as 
dP 




in which v is the nominal shear stress expressed in N/mm 2 as 
expressed by equation 
However, the shear stress carried by the concrete can also 
be determined by equating the maximum principal tensile stress, 
a , to the tensile strength of the concrete 
2 
/2 a 	a Oi. T + - - - = 
2. 2 
or 	T =f /1 + 
For the joint section taking T 
- 1.5 V




This relationship was also adopted by Taylor (6) to define 
the diagonal cracking shear stress in the joint region as 
discussed in Chapter 3. 	From the analysis of test results, 
the shear carried by the concrete for a joint into which.two. 





where f t = °•651'• 	if this value is substituted in the 
above equation, it becomes 
For f = 40 N/mm2 
And for 	= 20.N/mm2 
P a 
v = 0.65/fc '(1 + 0.24 	) 
P
a 
Vc = 0.65 	c'  0 + 0.34 	) 




= 	./'(1 + 0 065 	 .3 - 
	
) 	... (7.18) 
The relationship can also be written in the following form 
- 	
Vc = 	0.67 ft 
 1 + _: 
Ag ft 
where y = 1.5, if two beams are framing into the joint. 
However, equation (7.18) can thus be adopted to express 
the shear carried by the concrete. 	It may also be mentioned 
that the shear resistance of the concrete in a joint with two 
beams framing into it is about 50% greater than an isolated 
beam-column joint. 
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7.3.2 Recommendations of ACI-ASCE Committee 352 (41) 
The committee has suggested a number of recommendations 
for the design of a beam-column joint on the basis of a critical 
study of existing investigations and has proposed the following 
relationship for computing the permissible shear stress, viz 
v< (1 + 0.3 	) 	 ... (7.19) 
where 	= 1.4 for a joint for which the primary design 
criterion is strength 
I = 1.4, if the joint is confined perpendicular to 
the direction of the shear force considered and 
the confining member covers three quarters of the 
width and three quarters of the depth of the 
joint face. 
Thus, for the model specimen of the present study 
v 	= 0.588/f'(1 + O.3 	) 	 ... (7.20) 
Comparing equations (7.18) and (7.20) it is revealed that 
the relationship expressed by equation (7.18) will give about 
11% higher results. 	Thus any of these relationships can be 
adopted for computing the shearing stress carried by the concrete. 
However, v has been computed from the above relationship for 
an analysis of the test results of the present study. 
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The forces working on the joint core are illustrated in 
Figure (3 .2). The shear in the direction of a beam can be 
estimated from a consideration of the equilibrium of forces. 
Thus, 
V 	A 	f5 - Vcoi 	
... (7.21) v ii = 	
A c 	 c 
where A = effective shear area of the joint core 
column shear (= 
L  ) 
Lc 
=1 distance assumed between points of contra 
flexure 
The design requirement thus remains 
v c + 
where v 	= shear carried by the stirrup reinforcement 
S 
= Av fvy d 
bct -s v 
The values of the parameters v, v and v computed for 
different specimens are shown in Table 7.2. The column 
shears were computed on the, basis of the measured maximum 
moment. 	Since both beams are subjected to symmetrical 
bending, the ultimate shear in the direction of both beam\s 
will be equal. 
TABLE 7.2 SHEAR STRENGTH OF MODEL SPECIMENS 









kM kN N/mm2 N/mm2 N/mm 
NM 1 294 30 2.96 4.44 1.44 
MN2 	. 294 60 2.97 5.40 1.44 
NN 3 294 90 2.95 6.55 1.44 
NM4 294 120 3.01 7.56 1.44 
NN 5 294 150 2.99 8.15 1.44 
MN6 294 180 2.98 8.70 1.44 
NM10 310 31 2.96 4.47 1.44 
• 	NM9 342 34 2.98 4.58 1.44 
NM8 364 36 2.99 	- 4.64 1.44 
NM7 • 381 38 • 3.00 4.71 1.44 
N014 310 155 3.00 7.66 1.44 
NO13 342 170 2.99 7.95 1.44 
NO12 - 	 364 180 	• 3.00 8.15 1.44 
N011 381 190 3.00 8.34 	• 1.44 
NP 15 - 	 294 30 1.61 4.44 1.44 
NP 16 	• • 	 294 30 4.74 	. 4.44 1.44 
NP 17 .294 30 6.16 	. 4.44 1.44 
NP18 294 30 - 7.30 	• 4.44. 1.44 
- continued 
Table 7.2 (continued) 
P 1 ~ u1 P a 




kN kN N/mm2 N/mm2 N/mm2 
NQ19 294 180 1.63 8.15 1.44 
NQ20 294 180 4.74. 8.15 1.44 
NQ21 294 180 6.18 8.15 1.44 
NQ22 . 	 294 180 7.30 8.15 1.44 
NR23 342 34 7.19 :458 1.08 
NR24 342 34 7.21 4.58 0.86 
NR25 342 34 7.30 4.58 0.43 
• NR26 342 34 7.30 4.58 0.00 
NS 27 . 294 30 3.00 4.44 1.44 
NS28 294 .30. 2.99 4.44 '1.44 
NS 29 294 30 2.98 . 4.• 44 1.44 
NS 30 294 • 30 2.95 4.44 1.44 
NT31 378 190 2.99 	. 9.63 1.44 
NT 32 336 • 170 3.01 • 8.59 1.44 
NT 33 252 125'.. 3.03 :6.41 	...'. 1.44 
NT34 • 	 210 105 	. ' 	 3.06 5.36 	, . 	 1.44 
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7.3.3 Comparison with Test Results 
It is evident from Table 7.2 that the ultimate shearing 
stress, v u
, was less than the shear, v, carried by the concrete 
as computed frOm equation (7.20) for several specimens. 	The 
ACI-ASCE Committee 352 has proposed a relationship to define the 
1. minimum transverse steel requirement of such specimens. 
However, the stirrup reinforcement provided in the specimens of 
this programme was never greater than about 67% of the 
recommended amount. 
• 	 The values of parameters, v 5 , vc and v u for the specimens 
of the 'NR' series, which were specifically designed for higher 
values-of ultimate shear stress, 	are shown in Table 7.3. 
The transverse reinforcement in the joint -egion was gradually 
• 	decreased in the specimens Of this series. 
• Analysing the test results it was found that the joint 
vs 
could develop adequate strength until the ratio vv • was 
vc 
 +v 	 U 	C 
about 0.4 and the ratio 	 was about 0.79. This indicates 
vu 
that the shear carried by the concrete under the influence of 
bi-axial shears is greatly increased. 	This field requires 
further investigation before drawing specific conclusions, 
nevertheless, these tests provided an insight into the behaviour 
and indicate the general trend. 	The Committee's recommendations - 
are quite adequate in the sense that they provide a good margin of 
safety. 
TABLE 7.3 SHEAR RESISTED BY CONCRETE AND TRANSVERSE REINFORCEMENT IN THE JOINT REGION 
vu v  vs vs v 	vs m 
SPECIMEN PC (%) Pb 	(%) 
N/mm2 N/mm2 
2 N/mm v 	- v v 	- v v M 
NR23 3.14 2.99 7.19 4.58 1.08 0.75 0.41 0.79 1.000 
NR24 3.14 2.99 7.21 4.58 0.86 0.72 0.33 0.76 0.986 
NR25 3.14 2.99 7.30 4.58 0.43 0.67 0.16 0.69 0.917 
• NR25 3.14 2.99 7.30 4.58 0.00 0.63 0.00 0.63 0.917 
NP17 1.41 2.55 6.16 4.44 • 	0.94 0.94 084 0.95 0•954* 
NP18 1.41 2.99 7.30 4.44 0.76 0.76 0.50 0.81 0.918* 
* beam sections stronger than column 
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The ultimate shear in the joint in the last two specimens 
of the 'NP' series was also higher than the shear carried by 
the concrete, and the design criterion v < V  + v was not 
satisfied. 	These specimens were designed for stronger beam 
sections and the effect of the transverse reinforcement in 
the joint region could not be ascertained. 
The effectiveness of the web reinforcement in resisting the 
shear was investigated by Haddadin, Hong and Mattock
(98) 
. 	They 
concluded that the presence of axial force in a member does 
not reduce the effectiveness of the Web reinforcement, which 
is also evident from the behaviour of the specimens of this 
programme. 
One other fact can also be mentioned at this point, that 
is the. strength of specimens N0 11 and N0121 which had large 
amounts of longitudinal reinforcement in the column was less 
than that for similar specimens tested. at low column loads and 
for the computed ultimate strength of the flexural section. 
The strength--of specimensrNT 33 and NT34 which had comparatively 
lower concrete strengths and were tested at high (>50%) column 
loads was lower than their computed values. 	This suggests 
that thereisa.possblity that the capacity of concrete 
to transfer for shear stress (Vc)  may start decreasing (instead 
of increasing) after a particular limit of axial force and 
that thisphenomenon may be specifically important for the 
sections with high column reinforcement or with concretes of 
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lower strengths. 	This indicates a need for further 
investigations in this field. 
7.3.4 Serviceability Criterion 
As suggested by earlier investigators the - occurrence of 
diagonal cracking may be adopted as a serviceability criterion. 
• 	The joint should be so designed that the diagonal cracking in 
- .the.joint region does not occur before the beam sections have 
attained their yield moment. 	At this stage the total shear 
• 	force in the joint region imposed by the beam steel is 
V = A5t f sy 
Other column shears may be ignored since they are of 
lower magnitude. 	Thus, 
• 	 ••. 
	
bcdc 	





c 	 • 
or 	•• 	b 	0.67 	
•c dc 	
(7.22). 
However, in a simplified way, the serviceability criterion 
can also be adopted as : 
15-1 
b 	0.44 /fa r (1 + 0.3 
(7.23) 
This relationship predicts the reinforcement ratios similar 
to equation (7.22) 
Any of these two relationships canbe adopted for limiting 
the. beam steel ratios. 'However, it should be recognised that 
these relationships provide only an approximate representation. 
The design considerations may require higher reinforcement 
ratios - in the beam sections and the structural members should 
be designed so that hinging occurs in a beam section. 
Table 7.4 provides the values of reinforcement ratio, PP 
in the beams asobtained from equation (7.22) and computed as 
10% axial, load level for different column reinforcements and 
concrete strengths, as has been adopted in this programme. 
7.4 	BOND AND OTHER CONSIDERATIONS 
The mechanism of bond failure of reinforced concrete 
frames was investigated by Bertero and McClure (99) who 
observed that the frames tested beyond yielding of the steel 
quickly loTse their bond stress, resulting in a reduced bending 
capability of the structural member. 	Surface strain measurements 
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which were obtained from the demec readings indicated the presence 
of large bond stresses in the joint region. 
The strain readings were also recorded by electrical 
strain gauges mounted above and below the middle section of 
the joint region. 	It was evident from the surface strain 
readings and steel strain readings that an abrupt reversal of 
strains occurs at the section where the tensile steel entered 
the joint. 	This change was more sudden in the specimens tested 
at low column loads and almost all of the specimens tested at 
- 	low-column loads had a prominent crack in this region. 
Bond splitting cracks were observed above the joint region 
• along the longitudinal bars in most of the specimens tested at 
low column loads, but these were not so prominent in the 
specimens tested at high column loads. 
The occurrence of high bond stresses was also observed by 
Plowman (100)  in his tests in which strains were measured down 
the column bars of a three storey edge-column. 	Taylor (6)  also 
conducted some bond tests with normal forces and found that an 
ultimate bond stress of 6 N/mm2 could be increased to 11.7 N/rn 2 
by the application of a normal stress.of 19.N/mm2 . 	Thus it 
may be considered that the compressive stress from the beam 
compressive zone restrains the bond failure of the column bars 
in the upper part of the joint. - 	 • 
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In the previous section a serviceability criterion for joint 
design was based on a. consideration of diagonal cracking and a 
relationship was established to ensure that the diagonal 
cracking does not occur in the joint region before the yield 
moment has been attained in thebeam sections. 	The same 
logic may be extended to include the bond failure criterion as 
well and the joint should be so designed that the bond failure 
does not occur until - .the occurrence of diagonal cracking in 
the joint. 
Townsend (37 has .investigated the mechanism and effect of 
bond failure in his study on beam-column joints and has dealt 
with the criteria of bond failure in the beam-column connection. 
A serviceability criterion is deduced on the basis of his 
derivations, viz 
A bond failure occurs if : 
E > - 
C 	
E 	 . 
or 	 Ec 	> 	 •.. (7.24) 
At the instant of the commencement of bond deterioration, 
the strain inthe steel and the surrounding concrete are equal. 
If the tensile strength of the concrete is exceeded the concrete 
cracks and the total tensile force is carried by the steel 
reinforcement. ......... 
Thus, 









or 	£ 	= 	 ... (7.25) 
Pc Ag 
where 	p 	= column reinforcement ratio 	- 
A9 = gross area of the column or joint section 
Thus, for the bond deterioration criterion 
E C - 	ct 
A 	 c 
PC gs 
C 
or 	 > f t 
mPA9 	
C 





At being the equivalent area of the transformed section and 
At = A9 
 (1+ (m - 
Ct 
or . > ft
•. 	(7.27) 
A 9 + ( - 	H 
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Thus, if the tensile cracking condition precedes the bond 
failure 
Ct 	 > 	Ct 
Ag (l + (m - 	c 	m PC  Ag  ic'' 
nipC 
or :- 	 1 	 ... (7.28) 
.l+(m - l)P 
This condition is based on the assumption that the tensile 
force is equally shared by all the reinforcing bars. 	Thebond 
stress also depends on several other conditions and the above 
equation is only an approximate representation of the actual 
situation. 	The values obtained from this relationship are 
also given in Table 7.5. 
ACI-ASCE Committee 352 has listed some recommendations 
for the anchorage of the beam reinforcement in the column 
region. 	The specimens indicated no problem of anchorage 
failure. 	However, another condition associated with the 
anchorage of reinforcement is the occurrence of bearing 
stresses under the bend in the joint region. 	Marques and 
Jirsa 0 studied the behaviour of anchored bars supporting 
cantilever beams simulating the anchorage condition at an 
exterior beam-column joint. 	The failure observed in these 
tests was always sudden and complete with the entire side cover 
spalling away to the level of the anchored bars, indicating 
a bearing failure of the concrete. 
TABLE 7.4 	BEAM-REINFORCEMENT 
11 
RATIOS. FROM SERVICEABILITY CRITERION 
(EQN 7.22) 
2 	PC , M 	
a 	
b (%) 	1 	REMARKS 
N/mm . kN-mm 	kN-mm 
40 1.41 378. 38 1.41 
35: 1.41 336 34 1.30 
30 . 	1.41 294 .• 	30 1.17 
25 .1.41. 252' 25 	•. 1.03 
20 1.41 .. 	210 21 0.88 
b = 75 mm 
d=lO5mm 
b= 100mm 	- 
dc  85 mm 	- 




30 . 	' 	4.53 
310 31 1.18 
342 34 1.21 
364 .36 1.22 
381 38 1.24 
TABLE 7_5 	COLUMN REJNFORCEMENT, .RATIOS FROM SERVICEABILITY CRITERION 




- 	N/mm2  
. 
N/mm2 
. 	 - TC 
- 	(Measured) 	- 
-. 
- 	 (Minimum) 
40 4.11 	• - - 	6.61 1.69 
35 . 	 3.85 	- 	- 7.13 1.70 
.30 -. 	3.56 . 	 7.97 1'.66 	
: 
25 	- 3.25 9.11 • 	 1.61 
20 2.91 10.41 . 	- 	1.60 
4 
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- The specimens' in most of the tests were able to develop 
their ultimate flexural strengths and factors which were 
responsible for the reduced strength of certain specimens 
have 'already been enumerated and as such no specimen indicated 
a bearing failure of the concrete in the joint region except 
the last two specicens' of the 'NQ' series (N 	- and 'a  
which-were provided with higher reinforcement in beams and 
as such the beams were much stronger than the column. 
The effect of the transverse reinforcement in the joint 
•region is quite beneficial against splitting and bursting. 
Among the specimens tested at low' column load levels, only 
two specimens NR25 and NR26 , which had either little or no 
transverse reinforcement, indicated a comparatively sudden 
'failure. ' It would be quite difficult to ascertain the definité' 
role of bearing stresses in their failure since they were 	' 
provided with inadequate shear reinforcement. 	It may ,also 
• 	, be concluded that the, framing of two beams into the joint 	•. 
region does not affect the bearing strength of the joint. 	 ' 
r 
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CHAPTER 8 : DISCUSSION AND CONCLUSIONS 
8.1 	GENERAL REMARKS 
This Chapter provides a general discussion on some specific 
aspects of the strength and behaviour of model specimens as 
• - affected by various parameters. 	The effect of variables on the 
experimental behaviour and failure mechanism has already been 
described in Chapter 3. 	It is evident that the strain 
distribution at the joint region and consequently the strength 
and the deformation response of a test specimen at the inelastic 
stage is a function of the relative influence of these parameters. 
The study revealed that the effect of certain parameters such as 
the confinement provided by the stirrup reinforcement is more 
• :pronounced on the behaviour of beam-column joints, than realized 
at present. 	 • 
This investigation could well recognise the general trend 
of the deformation response and mechanism of failure under the 
influence of various parameters, but in certain cases it 	• 
indicated the necessity of-further investigations in order to 
obtain more conclusive evidence. 	This Chapter also summarises 
the general. conclusions drawn from the study and some suggestions 
have also been made for further research. 	 • 	• 
8.2 	EFFECTOF VARIABLES 
8.2.1 ColUmn Load Level 
The six specimens of the 'MN' series were tested under a 
varying columnload level. 	The axial load in the column 
influences the performance of a beam-column joint subjected to 
bi-axial bending by affecting its strength, the criterion and 
mechanismof failure and the post-yield deformations. 
The strength of the specimens increased with increase in 
the axial load until the applied, column load level was about 
30% of the ultimate compressive strength, beyond which the 
trend was reversed. 	The joint efficiency, as defined in 
Chapter 6, was 1.06 for specimen N.M 1 subjected to 10% column 
load and 110 for specimen NN 3 tested - . at 30% coiymn. load. 
The valueithen gradually reduced to 0.98 for specimen NN 6.
tested at 60% column load. 
Analysing the test-data obtained from readings of the demec 
gauges or electrical: stra:in rosettes mounted at the centre of the 
joint region, it was found that the stress distribution at the 
inelastic stage was also affected by the level of axial. load in 
the column. 	The occurrenceof' diagonal cracking and the ultimate 
failure of'the specimens subjected to column loads of about 30% 
can be explained according to the principal tensile stress 
theory, butinspecinienssubiected to higher axial load the 
conception of a truss-analogy provides abetter prediction. 
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In the specimens NN 5 and NN 6 , the diagonal-strut was observed 
to have crushed at about 85% of the compressive strength of 
the concrete. 
Equations (7.18) and (7.20) which may be adopted to compute 
the shear capacity of the concrete assume that the axial load 
increases the capacity of concrete to transfer the shear stresses. 
Butthe reduced- strength of the specimens: - tested at high column 
loads (50%) and the cleavage pattern of their failure indicates 
that the shear capacity of the concrete may start decreasing 
beyond:a particular limit of applied axial loading, 	This 
requires further investigations. 
Another effect of the axial load was noticed on the.-post- 
yield deformations. 	The ductility index, u, as defined in 
Chapter 6, gradually decreased with increasing axial load in 
...........- 	the column and- varired between 6.29 for specimen MN 1 and 5.66 for 
specimen NN6 . 	Figure 8.1 illustrates the effect of axial load 
on the strength and ductility of a specimen. 
Plate. 3.2 shows the modes of failure of two model specimens 
tested at 10% and 60% column loads respectively. 	The moment 
























Axial load level 	' au (%) • 	
Axial load level P8 /Pa (%) 
FIGURE 8.1 	INFLUENCE OF COLUMN LOAD ON STRENGTH AND DUCTILITY 
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8.2.2 Longitudinal RéirifOrcementinthéCOlUmn 
A comparison of the moments and deflections of the five 
specimens (specimen NN 1 plus four specimens of the NM series) 
tested at 10% column load and provided with varying amounts of 
longitudinal reinforcement, and five specimens (specimen NN 5 
plus four specimens of the 'NO' series)at 50% column loads, 
indicates the following salient features 
The joint efficiency was a maximum for specimens NM 10and 
NO14 reinforced with 2.01% longitudinal steel in the column and 
gradually decreased for higher reinforcement ratios. 	This 
indicates that the beam hinging moment limits the moments the 
column can deliver to the beam and this limitation is also influenced 
by the axial load level since the specimens of the 'NO' series 
tested at 50% column load indicated lower strengths than the 
corresponding specimens of the 'NM' series with similar 
reinforcement but tested at low column loads. 	The efficiency 
of allthe specimens of the 'NM' series was greater than 1, but 
for the specimens of the 'NO' series, it varied between 1.02 and 
0.93. . However, it becomes evident that in frames with even 
short columns the beams with weaker sections reduce the 
efficiency due to premature hinging. 
The effect of column reinforcement on the post-yield 
deformations was found to be quite different for specimens 
tested at low and high column loads respectively. 	It was 
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observed that the ductility index decreases with increase in the 
• 	column reinforcement ratios for the specimens tested at low column 
loads but increases for the specimens tested at high column 
loads, though the influence in both cases is not very 
• 	significant. 	Figure 8.2 shows the effect of column reinforcement 
on the strength and behaviour of beam-column joints. 
Figures 6.5 and 6.6 illustrate the influence of the.column 
reinforcement on the moment deformation response of the test - 
specimens. 	 - 
Plate 3.3 shows the failure mechanism of two specimens 
of the 'NM' and 'NO' series tested at 10% and 50% column 
loads respectivély.. 	The bond cracks along the longitudinal 
reinforcement in the column became less noticeable with higher 
reinforcement ratio 	The failure pattern alsobecame 
more abrupt with increase in the reinforcement in the 
specimens of the 'NO' series. 
8.2.3 Tensile Reinforcement in Beams 
The most pronbunced effect on the strength, efficiency, 
• • inelastic rotations, spread of plasticity and ductility index 
of a beam-column joint-specimen subjected to bi-axial bending is 
• caused by the variation in the tensile reinforcement in the 
beams. 	The reinforcement in the beams was varied gradually 
from-O7Z% to2..99% -in- the five specimens (NP 15 , NN 1 , NP 16 
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FIGURE 8.2 	EFFECT OF LONGITUDINAL REINFORCEMENT IN COLUMN ON STRENGTH AND DUCTILITY OF A TEST SPECIMEN 
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provided the experimental basis for the deductions made in this 
section. 	The test data obtained from a similar set of five 
specimens (NQ 19 , NN6 , NQ20 , NQ 21 and NQ 22) tested at 60% column 
load supplemented the information for analysing the effect of 
the beam-reinforcement, P
b , at higher axial loads also. 
The efficiency of the test specimens decreased gradually 
with increase in the tensile-reinforcement in the beams, as the 
hinge formation shifted from a beam section to the joint section. 
Plate 3.4 illustrates the effect of increasing-the - beam 
reinforcement on the modes of failure. 	It is evident that the 
efficiency ratio (M/M) also decreases if the reinforcement 
provided in the beam is too low, as in the case of specimens 
NP 15 and NQ 19 	= 0 134) 	The efficiency ratio for the 
last two specimens was specifically low. 	The failure in 
these specimens occurred due to hinging in the joint region. 
Figure 8.3 illustrates the effect of the beam-reinforcement on, 
the strength and ductility of a specimen. 
The ductility index of the specimens also decreased with 
increase in the beam reinforcement. 	It was lower than the 
theoretical values -in the specimens, having higher reinforcement 
in the beams, which failed due to column hinging. 	It may be 
concluded that the efficiency ratio (Mm/Mu ) ductility and 
post-yield deformations are adversely affected as a consequence 
of the occurrence of hinging in the joint region and as such the 
beams should be so designed that the hinge always forms in a 
at 10% column load 
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FIGURE 8.3 	EFFECT OF TENSILE BEAM REINFORCEMENT ON STRENGTH 
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beam section. 	However, a beam with insufficient reinforcement 
will also be undesirable and a limitation on beam reinforcement, 
Pbl can be imposed such that the ratio b"o 
 is not 'less than 
0.134, where p0 is the reinforcement ratio for a balanced 
section. 
The moment deformation curves of the specimens of the 'NP' 
and.'NQ' series are shown in Figures 6.7 and 6.8.. 	It is evident .. 
that the inelastic deformations and spread of plasticity are 
also affected by the amount of reinforcement in the beam. 	A 
relationship was developed on the basis of experimental 
results in Chapter 6. to define the spread of plasticity into the 
joint region and is reproduced here as 
0 	h 	 M 	h 
- 	C( 1 + 	(1 	
Y) + c 
-.d ' hc 
3z 
1 + 	(1 	'im) 
where im = MY/MU. . 
The most important parameter in the above relationship is 
the moment gradient 	i,, which is greatly influenced by the' 
reinforcement ratio,Pb' 	
Figure 8.4 illustrates the effect 
of the beam reinforcement 	on the parameter 	 .' . 
p 	. 
.ot 	 ... 
	
It is evident that decreases with increase in the 
p 
TABLE 8.1 VARIATION IN SPREAD OF PLASTICITY 
WITH REINFORCEMENT RATIO 
SPECIMEN NP 15 NN 1 NP 16 NP 17 NP 18 
Reinforcement 
0.72 1.28 2.00 2.55 2.99 
Ratio( Pb 
0 tp 1.55 1.22 1.17 1.13 1.07 
o p  
from theoretical values 
\ \ ' from measured values 
i.0 	 L.b 	 Z.0 	 2.5 	3.0 
Pb 
FIGURE 8.4 	EFFECT OF THE TENSILE REINFORCEMENT IN A BEAM ON 







reinforcement ratio, 	The pattern of behaviour at low and 
high column loads was similar though the efficiency ratio and 
ductility index for the specimens tested at high column loads 
were generally lower than for corresponding specimens tested 
at low column loads. 	The failure pattern of the specimens 
tested at high column loads was abrupt and the last two 
specimens of the 'NQ' series displayed the mode of bearing 
failure. 	Plate 3.5 shows the failure mechanism of specimen 
NQ21 . 	Figure 8.4 illustrates the influence of the tensile 
reinforcement in the beams on the spread of plasticity. 
8.2.4 Transverse Reinforcement in the Joint 
Figure 8.5 illustrates the effect of the transverse 
reinforcement in the joint on the efficiency ratio and ductility -
index of the specimen. 	The net result of reducing the transverse 
reinforcement is the shifting of the hinging from the beam to 
the column section which results in a reduction in the 
strength the ductility. 	Though specimen NR 23 , for which the 
V 
ratio 	 was 0.41, could also develop adequate strength 
vu 
v c 
	M 	 . 
(efficiency ratio, 	!!1 = 1.0), it failed due to column 	. 
hinging. 	It is therefore necessary to ensure that the amount 
of transverse reinforcement in the joint is adequate so that 
the amount of shear carried by the concrete, does not exceed the 
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8.2.5 Lateral Reinforcement in' Beams 
Variations in the lateral reinforcement in the beams 
produced a profound effect on the performance of a test specimen.. 
The mehcanism of failure as affected by the amount and spacing 
of the lateral reinforcement was described in Chapter 3. 	The 
experimental evidence on the effect of confinement due to 
rectangular stirrup reinforcement was provided by five 
specimens (specimen NN 1 and . - four specimens of the 'NS' series) 
which were tested at 10% column load while the lateral binding 
ratio, p" was varied from 0.005 to 0.033. 
A study of the test data revealed that the inelastic 
deformation and ductility index are most significantly affected 
by the lateral reinforcement, and this effect is contributed 
to by two parameters associated with the amount, and spacing of 





- which takes into consideration the 
yield strength of the lateral reinforcement and the 
compressive strength of the concrete. 
d- S 
'parameter 	s, v - which is associated with the effective 
depth and, the spacing of the lateral reinforcement. 
Combining these two parameters a new parameter, defined 
as the confinement factor, C f , was obtained which can be ' 
represented as 
 
TABLE 8.2 	CONFINEMENT FACTOR 
f S d - S 
II V,V 	, 
N/mni 
V V Cf . SPECIMEN 
mm S,  
0.005 242 75 0.40 0.127 NN 1 
0.0074 242 50 1.10 0.256 NS 27 
0.0167 272 50 1.10 0.408 NS 29 
0.0147 242 25 3.2 0.616 NS 28 




0.2 	04 	 n A.. 	1 ( 
Confinement Factor, C 








/p'.f 	. :d 	.S 
Cf . = 1 	Y V 	 ... (8.4) 
C 	 S 
It was found that the inelastic deformations are influenced 
by this factor Cf . 	Figure 8.6 illustrates the relationship 
between the confinement factor and the ductility index (A/t 1 ). 
The strength and efficiency of a test specimen was not 
greatly influenced by any variation in the lateral reinforcement 
but the maximum deflection measured at the free end of the 
cantilever beams indicated a much greater variation. 	A change 
in the amount of lateral reinforcement was achieved in two ways 
by providing the stirrups with larger diameters, and 
by reducing the spacing between stirrups. 
It was found that the second method is much more effective than 
the first, in producing a higher inelastic deformation and 
ductility index. 
8.2.6 Concrete Strength 
The strength of the concrete was gradually varied from 
40 N/mm2 to 20 N/mm2 in five specimens (NT 31'  NT 321  NN55 NT 33
and NT34 ). 	The effect of concrete strength on the failure 
mechanism was described in Chapter 3 and shown in Plate 3.8. 
The moment deformation relationship of the speôimens of the 
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SPECIMEN NT 31 NT 32 NN 5 NT 33 NT34 
Concrete 
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It was observed that the share of the axial forces resisted 
by the concrete varies with its strength and as such the 
distribution of internal forces and failure mechanism are affected 
by a variation in the concrete strength. 	The efficiency and the 
ductility index of a test specimen were also affected-by concrete 
strength as shown in Figure 8.7. 
It was mentioned earlier that the inelastic deformations 
and spread of plasticity are influenced by the moment gradient, 
and since this ratio also depends-on - the concrete strength, 
the parameter 1c' is another important variable affecting the 
parameter 	; as shown in Figure 8.8. 
p 
8.3 	CONCLUSIONS 
1. 	The performance of a corner beam column joint specimen is 
significantly affected by the level of the axial load in the 
column, in the sense that the strength and inelastic deformations 
are influenced by the applied load. 
The éfficiéh' ratioMm/Mu, firstincreaseS with increase 
in the column load level, Pa/Pu.until it reaches about 30%, then 
decreases with further increase in the axial load. 	The ductility 
index 	also decreases gradually with increase in the axial 
load, though the effect is not so pronounced. 
2. 	The ténsllé reinforcement in the beam and the concrete 
strength are the two parameters having most significant effect on 
N 
the inelastic deformations and the spread of plasticity into the 
joint region. 	The ratio of total inelastic rotation, occurring 
between the section of maximum moment and an adjacent section of 
zero moment, 0tp' the inelastic rotation, occurring within a length 
d/2 to one side of the section of the section of maximum moment, 
and usually adopted to express the spread of plasticity into 
the joint region, may be represented by the following expression 
- 
P. = l+ m ) 
p. 	 c 
The efficiency ratio and the ductility increase with increase 
in the concrete strength, but decrease with increase in the 
tensile reinforcement in the beams. 
3. 	The beam hinging moment limits the efficiency of a specimen 
and the moment which a column can deliver to the beam section and 
this limitation is significantly affected by the column load. 
The tensile 'reinforcement ratio in a beam section,P b' 
 'should pre - 
-a'rably not be less than 0.134 p0 , where p0 represents the 
reinforcement ratio for a balanced section. 	 . 
4, 	The shear stress carried'by the concrete in the joint 
may be reasonab'ly'represented by the following expression 
derived, on the basis of the principaktensile stress theory 
Vc 	
I O.672 
t + Ag 
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where y is a factor which takes into account the effect of 
confinement provided by the beams and may be taken as 1.5 where 
two beams frame into the joint. 	The relationship for a beam 
column joint subjected to bi-axial bending may thus be adopted 
as 	 - 
v 	= 0.65/f'(l + 0.3 	) 
The conception of'truss-analogy' may be adopted for 
predicting the failure of a specimen subjected to a column 
load which is greater than 50% of its ultimate compressive 
capacity, assuming that the diagonal strut in the joint region 
breaks at a compressive stress equal to about 85% of the 
compressive strength of the concrete. 
If.the transverse reinforcement provided in the joint is 
inadequate to carry the necessary shear force, or the amount of 
reinforcement provided in the beams is excessively high, the 
occurrence of hinging is shifted to the joint region. 	The 
efficiency ratio and ductility of such specimens is greatly 
reduced. 
The confinement provided in the. beams by the lateral 
reinforcement has a pronounced effect on the post-yield 
deformations and ductility index. 	It was found that these 
-. 	-. 
 
-deformations areinfluencedby a parameter referred to in this 
study as the confinement factor, C f , which is mainly a function 
I I J 
of the lateral binding ratio, p" and the spacing between the 
stirrups, S,. 	The confinement factor can be represented by 
the following expression:: 
C f = 	 V 
S  
An increase in the lateral reinforcement may be achieved 
either by providing stirrups oflarger diameter or by reducing 
the spacing between the stirrups. 	It was found that the 
second method is much more effective from ductility 
considerations. 
8. 	A serviceability criteria may be adopted for the design 
of specimens based on the following two* considerations 
That the diagonal cracking in the joint may not occur 
before the commencement of yielding of the tensile 
reinforcement. 
The bond failure may not occur before the beams have 
attained their yield moment. 
These conditions impose some limitation on the amounts of beam 




c ie, Pb 	sy 	O.44/f'(l + 0.3 A a 
g b 
m 	 ; 
and 	 C  
1 + (m - 
	c 	l•Si/fc 
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However, if from some other consideration it becomes 
necessary to exceed these limits it is necessary to ensure that 
the hinging at failure occurs in a beam section only. 
8.4 	SUGGESTIONS FOR FURTHER RESEARCH 
The scope of this study was limited to joints in which the 
strength is the primary criterion of performance under static 
loading conditions and information is not available on the 
behaviour of.such joints under dynamic andreversible loadings. 
The study revealed the importance of the confinement.in  
the beams on the ductility behaviour and it would be interesting 
to investigate the effect of the confinement provided in the 
columnand joint region by stirrups and spiral reinforcement 
under static and dynamic loading conditions. 
The study was confined to an investigation of the general 
effect of the variables and a more comprehensive study on the 
effect of each variable may be desirable. 	Though. the 
joint was able to develop adequate strength in most cases, 
only one type of detailing was adopted in the joint region and 
it is possible that the efficiency of the joint can be increased 
with, some other type of detailing and the comparative effective-
ness of different types of detailing under various loading 
conditions also remains a matter for further study. 
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APPENDIX I 
SUMMARY OF MEASURED AND COMPUTED MOMENTS, CURVATURE AND DEFLECTION AT DIFFERENT STAGES 
AT YIELD STAGE . AT ULTIMATE STAGE 
Mcr. Mcr M kN-mm 
q, X10T4 mm MkN-mm (Comp.) Am 
SPECIMEN (%) 
kN-mm Mm Comp. Meas. Comp.. Meas. Comp. Meas. Mu Camp. Meas. Ay (Comp.) Ily 
NN 1 625 19.6 2829 2880 0.212 0.636 0.635 3002 3180 1.06 1.847 3.785 4.000 5.95 6.29 
MN 2 640 19.8 2829 2940 0.212 0.636 0.640 3002 3240 1.08 1.847 3.785 3.900 5.95 6.13 
NN3 600 18.2. 2829 2850 0.212 0.636 0.645 3002 3300 1.10 1.847 3.785 3.750 5.95. 5.90 
NM4 570 19.0 	. 2829 2790 0.212 0.636 0.645 3002 3000 1.00 1.847 3.785 3.720 5.95 5.85 
NH5 460 15.5 2829 2760 0.212 0.636 0.630 3002 2970 0.99 1.847 3.785 3.700 5.95 5.82 
NN  590 20.0 2829 2760 0.212 0.636. 0.625 3002 2940 0.98 1.847 3.785 3.600 5.95 5.66 
NM  510 16.7 2829 2880 0.212 0.636 0.650 3002 3060 1.02 1.847 3.785 3.650 5.95 5.74 
NM8 450 14.6 2829 2850 0.212 .0.636 0.645 3002 3090 1.03 1.847 3.785 3.725 5.95 5.86 
NM  550 17.1 2829 2820 0.212 0.636 0.645 3002 3210 1.07 1.847 3.785 3.750 5.95 5.90 
NM10 630 19.3 2829 2920 0.212 .0.636 0.640 3002 3270 1.09 1.847 3.785 3.850 5.95 6.05 
MN 1 . 625 19.6 2829 2880 0.212 0.636 0.635 3002 3180 1.06 1.847 3.785 4.000 5.95 6.29 
NO 11 465 16.7 2829 2760 0.212 0.636 0.645 3002 2790 0.93 1.847 3.785 3.950 5.95 6.21 
N012 440 , 15.5. 2829 2760 0.212 0.636 0.635 3002 2820 0.94. .1.847 3.785 3.850 5.95 6.05 
N013 585 20.1 2829 2760 0.212 0.636 0.630 3002 2910 0.97 1.847 3.785 3.780 5.95 , 5.94 
NO 14 490 16.0 2829 2910 0.212 0.636 0.625 3002 3060 1.02 .1.847 3.785 3.700 5.95 5.82 
NM5 460 15.5 2829 2760 0.212 0.636 0.625 3002 2970 0.99 .1.847 3.785 3.700 5.95 '5.82 
Appendix I (continued) 
AT YIELD STAGE AT ULTIMATE STAGE 
Mcr M kN-mm x 	1 nun Mu kN-nim Mm xl?T4 mm (Camp.) Am SPECIMEN 
kN-nim Mm 	. Camp. Meas. Comp. Meas. Comp. Meas. M  u Comp. Meas. A 	(Comp.) -'s' 
NP 15 495 24.3 1637 1650 0.190 0.569 0.550 1980 2040 1.030 2.010 5.485 6.200 9.64 10.90 
NN  625 19.6 2829 2880. 0.212 0.636 0.635 3002 3180 1.060 1.847 3.785 4.000 5.95 6.29 
NP 16 675 . 24.3 4310 . 4200 0.236 0.709 0.720 4490 4500 1.002 . 	 1.186 2.460 2.400 3.47 3.39 
NP 17 575 10.9 5412 . 	 5260 0.254 0.761 0.950 5532 5275 0.954 0.929 1.953 1.750 2.57 2.30 
NP 18 675 11.7 6281 5760 0.267 0.800 1.000 6301 5775 0.917 0.794 1.685 1.450 2.10 1.81 
NQ 19 425 20.9 1637 1680 0.190 0.569 0.560 1980 2010 1.015 2.010 5.485 6.400 9.64 11.29 
NM6 590 20.0 2829 2760 0.212 0.636 0.625 3002 2940 0.980 1.847 3.785 3.600 5.95 5.66 
NQ 20 560 12.7 4310 4200 0.236 0.709 0.780 4490 4400 . 0.979 1.186 2.460 2.300 3.47 2.95 
NQ 21 545 10.5 5412 5160 0.254 0.761 0.900 5532 5175 0.930 0.929 1.953 1.650 2.57 2.17 
NQ 22 600 10.5 6281 5690 0.267 0.800 0.920 6301 5700 0.905 0.794 1.685 1.320 2.10 1.65..  
NR23 630 10.2 6281 5880 0.267 0.800 0.820 6301 6300 1.000 0.794 1.685 1.650 2.10 2.06 
MR24 700 11.3 6281 5820 0.267 0.800 0.840 6301 6210 0.986 0.794 1.685 1.580 2.10 1.8 
NR25 630 10.9 6281 5760 0.267 0.800 0.860 6301 5775 0.917 0.794 1.685 1.400 . 	 2.10 1.75 
NR26 630 10.9 6281 5760 0.267 0.800 0.900 6301 5775 0.917 0.794 1.685 1.350 2.10 1.69 




























Ay  (Comp.) 
AM 
NM 1 625 19.6 	' 2829 2880 0.212 0.636 0.635 3002 3180 1.060 1.847 3;785 4.000 5.95 
6.29 
NS 27 450 14.7 2829 2730 0.212 0.636 0.640 2977 3060 1.028 3.220 6.321 7.000 9.94 	
' 11.00 
NS 28 675 21.8 2829 2700 0.212 0.636 0.635 3026 3090 1.021 7.050 14.036 12.000 22.07 
18.87 
NS29 675 21.6 2829 '2760 0.212 0.636 0.635 3002 3120 1.040 3.910 7.758 9.000 12.20 
14.15 
MS 30 480 14.5 2829 2760 0.212 0.636 0.630 3026 3300 1.091 8.690 17.253 
17.00 27.13 26.73 
NT31 750 24.3 2857 2910 0.204 0.611 0.600 3046 3090 1.014 2.400 4.888 
5.000 8.00 8.18 
NT 32 750 25.0 2846 2850 0.207 0.620 0.615 3010 3000 0.997 2.130 4.295 
4.200 6.77 6.77 
MN 5 460 15.5 2829 2760 0.212 0.636 0.6 . 
 30 3002 2970 0.990 1.857 3.785 3.700 5.5 5.82 
NT33 600 20.8 2812 2790 0.217 0.652 0.640 2949 2880 0.977 1.563 
3.177 3.000 4.87 4.60 
NT34 570 20.9 2790 2700 0.225 0.674 0.700 2878 2730 0.949 1.259 
2.540 2.350 3.77 3.49 
APPENDIX II 
CONVERSION FACTORS 
DIVIDE 	 BY 	 TO OBTAIN 
Newton 9.8060 kg 
kg 0.4536 Lb 
N/mm2 0.09806 kg/cm2 
N/mm2 0.006895 psi 
kN-mm 10.1978 kg-cm 
kN-mm 11.7505 Lb-in 
For 	when 	is expressed in N/mm 2 . 
Substitute 12.043V'f' , to express f' in psi. 
Substitute 3.1943 "' , to express c'  in kg/cm2. 
